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SI* (MODERN METRIC) CONVERSION FACTORS 
 

APPROXIMATE CONVERSIONS TO SI UNITS 

SYMBOL WHEN YOU KNOW MULTIPLY BY TO FIND SYMBOL 
LENGTH 

in. inches 25.4 millimeters mm 

ft feet 0.305 meters m 

yd yards 0.914 meters m 

mi miles 1.61 kilometers km 

AREA 

in2 square inches 645.2 square millimeters mm2 

ft2 square feet 0.093 square meters m2 

yd2 square yard 0.836 square meters m2 

ac acres 0.405 hectares ha 

mi2 square miles 2.59 square kilometers km2 

VOLUME 

fl oz fluid ounces 29.57 milliliters mL 

gal gallons 3.785 liters L 

ft3 cubic feet 0.028 cubic meters m3 

yd3 cubic yards 0.765 cubic meters m3 

NOTE: volumes greater than 1000 L shall be shown in m3 

MASS 

oz ounces 28.35 grams g 

lb pounds 0.454 kilograms kg 

T short tons (2000 lb) 0.907 megagrams Mg (or "t") 

TEMPERATURE (exact degrees) 
oF Fahrenheit 5(F-32)/9 or (F-32)/1.8 Celsius oC 

ILLUMINATION 

fc foot-candles 10.76 lux lx 

fl foot-Lamberts 3.426 candela/m2 cd/m2 

FORCE and PRESSURE or STRESS 

kip 1000 pound force 4.45 kilonewtons kN 

lbf pound force 4.45 newtons N 

lbf/in2 
pound force per square 

inch 
6.89 kilopascals kPa 

*SI is the symbol for the International System of Units. Appropriate rounding should be made to comply 
with Section 4 of ASTM E380. 
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SI* (MODERN METRIC) CONVERSION FACTORS 
 

APPROXIMATE CONVERSIONS FROM SI UNITS 

SYMBOL WHEN YOU KNOW MULTIPLY BY TO FIND SYMBOL 
LENGTH 

mm millimeters 0.039 inches in. 

m meters 3.28 feet ft 

m meters 1.09 yards yd 

km kilometers 0.621 miles mi 

AREA 

mm2 square millimeters 0.0016 square inches in2 

m2 square meters 10.764 square feet ft2 

m2 square meters 1.195 square yards yd2 

ha hectares 2.47 acres ac 

km2 square kilometers 0.386 square miles mi2 

VOLUME 

mL milliliters 0.034 fluid ounces fl oz 

L liters 0.264 gallons gal 

m3 cubic meters 35.314 cubic feet ft3 

m3 cubic meters 1.307 cubic yards yd3 

MASS 

g grams 0.035 ounces oz 

kg kilograms 2.202 pounds lb 

Mg (or "t") 
megagrams (or "metric 

ton") 1.103 short tons (2000 lb) T 

TEMPERATURE (exact degrees) 
oC Celsius 1.8C+32 Fahrenheit oF 

ILLUMINATION 

lx lux 0.0929 foot-candles fc 

cd/m2 candela/m2 0.2919 foot-Lamberts fl 

FORCE and PRESSURE or STRESS 

kN kilonewtons 0.225 1000 pound force kip 

N newtons 0.225 pound force lbf 

kPa kilopascals 0.145 
pound force per 
square inch lbf/in2 

*SI is the symbol for the International System of Units. Appropriate rounding should be made to comply 
with Section 4 of ASTM E380. 
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EXECUTIVE SUMMARY 

Prestressed concrete is used in structures because of its versatility, adaptability, and durability. 

Durability of prestressed concrete bridges in extremely aggressive environments is of increasing 

concern because of corrosion of the carbon steel strands that are typically used for prestressing. 

Concrete is a permeable material where chloride ions can penetrate through and reach the internal 

reinforcement, and carbon steel strands are highly susceptible to corrosion. Thus, prestressed 

concrete bridges located in areas with high exposure to environmental factors (e.g., marine 

environments) deteriorate due to corrosion of carbon steel strands. For example, Florida has a long 

coastline, with many concrete bridges over coastal water. Among the 12,518 bridges in Florida, 

6,303 are prestressed concrete, and almost half of them are older than 40 years. One solution to 

overcome the early deterioration of coastal bridges is to use corrosion-resistant strands, such as 

Duplex High-Strength Stainless Steel (HSSS) strands. 

HSSS strands have high corrosion resistance and are an alternative to carbon steel strands in 

concrete bridges in extremely aggressive environments. The growing interest in using stainless 

steel strands has led to the development of the ASTM A1114. In 2020, ASTM A1114 was released 

as a standard specification for low-relaxation, seven-wire, Grade 240, stainless steel strands for 

prestressed concrete. Stainless steel is made from different alloys compared to carbon steel, and 

thus the mechanical properties of stainless steel strands are fundamentally different than those of 

carbon steel strands. The most significant difference is in the guaranteed ultimate strain:  the value 

for stainless steel strands is only 1.4%. 

Several departments of transportation (DOTs) have already used or allowed the use of HSSS 

strands in prestressed piles. As of 2020, a total of 17 projects have used stainless steel strands, a 

majority of them in piles. Those projects are in areas with high exposure to environmental factors. 

The use of HSSS strands in flexural members has been hindered by the lack of full-scale test 

results, structural design approaches, and/or design guidelines. The main concern in using HSSS 

strands in flexural members is their low ductility. Concrete members prestressed with HSSS 

strands, if not properly designed, might fail suddenly without adequate warning. There have been 

no attempts to address this problem in full-scale research studies. 
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The goals of this research project were to investigate the use of HSSS strands in flexural 

members and to develop design guidelines that could be used by bridge engineers. A total of 

thirteen (13) 42-ft-long AASHTO Type II girders were designed, fabricated, and tested in flexure 

or shear. Ten (10) girders were prestressed with HSSS strands, while the other three (3) were 

prestressed with carbon steel strands and served as control girders. This research program included 

experimental activities to determine the mechanical and bond strength characteristics, prestress 

losses, and transfer length of 0.6-in-diameter HSSS strands. 

Twenty HSSS strands from two spools were tested in direct tension. A stress-strain equation 

is proposed for the 0.6-in.-diameter HSSS strands, which satisfied all ASTM A1114 requirements. 

The measured bond strength of 0.6-in.-diameter HSSS strands was greater than the bond strength 

of carbon steel strands proposed by other researchers. The maximum measured transfer length of 

0.6-in.-diameter HSSS strands was 21.5 in., which was less than the value predicted by AASHTO 

LRFD Bridge Design Specifications’ equation for carbon steel strands. 

Experimental flexural and shear results showed that the post-cracking behavior of girders 

prestressed with HSSS strands continued to increase up to failure with no discernible plateau. The 

behavior is attributed to the stress-strain behavior of the HSSS strands. Also, flexural results 

revealed that, although HSSS strands have low ductility and all composite girders failed due to 

rupture of strands, the girders exhibited large reserve deflection and strength beyond the cracking 

load and provided significant and substantial warning through large deflection, as well as well-

distributed and extensive flexural cracking, before failure. A non-linear analytical model and an 

iterative numerical model were developed to predict the flexural behavior of concrete members 

prestressed with HSSS strands. Although the analytical model gave better predictions, the iterative 

numerical approach is slightly conservative and is easier to use for design – designers prefer to use 

an equation type of approach to perform preliminary designs. Numerical equations were developed 

to calculate the nominal flexural resistance for flexural members prestressed with HSSS strands. 

The proposed equations are only valid for rectangular sections. In the case of flanged sections, 

iterative numerical approaches were also introduced. 

Because HSSS strand is a brittle material, the design must consider the strain capacity of the 

strand and must be balanced between flexural strength and ductility.  Based on the flexural design 

philosophy for using carbon steel strands in prestressed concrete girders, along with 

experimentally-observed behaviors and analytical results for concrete members prestressed with 
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HSSS strands, flexural design guidelines were developed for the use of HSSS strands in flexural 

members. For I-girders, rupture of strands failure mode is recommended by assuring that concrete 

in the extreme compression fiber reaches considerable inelastic stresses, at least 0.7𝑓!".  In addition, 

the recommended maximum allowable jacking stress is 70%. For slab beams (e.g. Florida Slab 

Beam), crushing of concrete failure mode is recommended by assuring that the net tensile strain 

in the HSSS strand is greater than 0.005. The recommended maximum allowable jacking stress 

and stress immediately prior to transfer are 75% and 70%, respectively. A resistance factor of 0.75 

is recommended for both rupture of strand and crushing of concrete failure modes. AASHTO 

equations conservatively estimated the measured transfer length and prestress losses of 0.6-in.-

diameter HSSS strands. The ACI 318-19 and AASHTO LRFD conservatively predicted the shear 

capacity of concrete girders prestressed with HSSS strands. 
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CHAPTER 1 INTRODUCTION 
 

1.1 Introduction 

Prestressed concrete has been used in bridge construction for decades. Prestressed concrete 

was first integrated into long-span bridges in the United States in the 1950s. The Walnut Lane 

Memorial Bridge in Philadelphia, PA, is the first prestressed concrete bridge built in the United 

States (Zollman et al. 1992); it was opened to traffic in 1951. Since then, new materials, 

innovations and technologies have been developed, which led to the growth of the prestressed 

concrete industry. Based on data provided by the National Bridge Inventory (NBI. 2020), the 

percentage of prestressed concrete bridges from the total number of bridges in the United States 

has increased dramatically in the last seven decades, as shown in Figure 1-1. In the most recent 

decade, the 2010s, prestressed concrete bridges represent more than 45% of the total bridges in the 

United States. This percentage has increased by more than 50% in the last five decades. The 

increase in number of prestressed concrete bridges is attributed to their versatility, adaptability, 

reliability, and durability. 

 
Figure 1-1 Percentage of prestressed concrete bridges from total number of bridges (NBI. 2020) 

Durability of concrete structures can be maintained by protecting the internal reinforcement –

for example, by increasing concrete cover and minimizing concrete crack width. Yet, concrete is 
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reinforcement, particularly in extremely aggressive environments. Therefore, these measures may 

not be adequate to protect the internal reinforcement in concrete structures. 

Carbon steel reinforcing materials are highly susceptible to corrosion. Therefore, concrete 

bridges located in extremely corrosive environments, such as in coastal waters, deteriorate due to 

corrosion of carbon steel reinforcing materials. For example, Florida has a long coastline, with 

many concrete bridges over coastal water. Note that corrosion of reinforcing materials could also 

occur in low-level bridges over water than may not be necessarily be on the coast. Among the 

12,518 bridges in Florida, 6,303 are prestressed concrete (NBI. 2020). Figure 1-2 shows the age 

of prestressed concrete bridges in Florida, where almost half of the bridges are older than 40 years. 

The prestressed concrete bridges that are in extremely aggressive environments require more 

resources for additional inspection and maintenance, rehabilitation, and/or replacement. One 

solution to overcome the early deterioration of those bridges is to use corrosion-resistant strands, 

such as stainless steel strands, which will significantly enhance their durability.  

Stainless steel material has high corrosion resistance and can be used in seven-wire prestressing 

strands. Stainless steel strands are a new technology and option for the construction of durable, 

low-maintenance concrete bridges, and they are being promoted as a good alternative to carbon 

steel strands in concrete bridges in extremely aggressive environments. The surface of stainless 

steel strands does not tend to rust as carbon steel strands do, as shown in Figure 1-3. Also, stainless 

steel strands extend the service life of prestressed concrete bridges compared to those built with 

carbon steel strands. So, utilizing stainless steel strands could be more economical in the long run. 

Currently, Duplex High-Strength Stainless Steel (HSSS) strands (corrosion-resistant) and Carbon 

Fiber Reinforced Polymer (CFRP) strands (corrosion-free) are the required reinforcement for 

Florida vehicular bridge 18-inch square piles in extremely aggressive environments (2020). 
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Figure 1-2 Age of prestressed concrete bridges in Florida (NBI. 2020) 

 
Figure 1-3 Comparison of surface layer of carbon steel spool (left) and stainless steel spool 

(right) 
1.2 Research motivation 

Stainless steel strand has a superior corrosion-resistant property compared to carbon steel 

strand, and it is proposed as an alternative to carbon steel strand in prestressed concrete bridges in 

extremely aggressive environments. HSSS strand has been successfully deployed in piles in many 

bridges around the United States. In prestressed concrete bridges in environments that are 

extremely aggressive primarily due to chlorides, the superstructure components, i.e. slabs and 
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girders, are also susceptible to corrosion damage. Therefore, to mitigate the corrosion problems in 

the whole concrete bridge, HSSS strands may be implemented in superstructure prestressed 

concrete components as well. 

1.3 Problem statement 

The main design concern in using HSSS strand in flexural members is their low ductility. 

Flexural members prestressed with HSSS strands, if not properly designed, might fail suddenly 

without adequate warning. There have been no attempts to address this problem in full-scale 

research studies. Thus, the use of HSSS strand in flexural members has been hindered by the lack 

of full-scale test results and structural design approaches. For Florida Department of 

Transportation (FDOT) and bridge designers to use HSSS strands in flexural members in lieu of 

carbon steel strands, some study and testing are needed. 

1.4 Research goals 

The goals of this research project were as follows. 

1. To determine if HSSS strands are a viable alternative to carbon steel strands in flexural 

members; 

2. To investigate the use of HSSS strand in flexural members; and 

3. To develop design guidelines that could be used by FDOT and bridge engineers to design 

flexural members prestressed with HSSS strands. 

The research goals were attained by conducting several experiments. Positive results would 

give confidence to FDOT and bridge designers in deploying HSSS strands in flexural members. 

1.5 Research objectives 

The objectives of this research project were as follows. 

1. To determine the mechanical characteristics of HSSS strands and propose a stress-strain 

equation that could be used by bridge engineers to design and analyze concrete girders 

prestressed with HSSS strands; 

2. To quantify the bond strength of 0.6-in.-diameter HSSS strands; 

3. To document construction activities of concrete girders prestressed with HSSS strands; 

4. To measure transfer length of 0.6-in.-diameter HSSS strands and compare results with 

design provisions; 

5. To investigate the flexural behavior of concrete girders prestressed with HSSS strands; and 

6. To investigate the shear behavior of concrete girders prestressed with HSSS strands. 
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To accomplish the aforementioned objectives, several tasks were completed. Twenty-five 0.6-

in.-diameter HSSS strands from two spools were tested in tension, and six 0.6-in.-diameter HSSS 

strands were tested for bond strength. Ten (10) and three (3) 42-ft-long AASHTO Type II girders 

prestressed with HSSS strands and carbon steel strand, respectively, were designed and cast. 

Precasting operations for girders prestressed with HSSS were observed, documented, and 

compared with girders prestressed with carbon steel strands. The transfer length of 0.6-in.-diameter 

HSSS strands was measured from most girders using multiple sensing technologies. The girders 

were tested either in flexure or shear to determine their capacity. An analytical model was 

developed using strain compatibility and force equilibrium and was validated with experimental 

results. 

1.6 Organization 

This research project is organized into chapters as follows. Chapter 2 gives background 

information and studies related to stainless steel strands. Chapter 3 presents the test program and 

results of tensile tests and bond strength tests of 0.6-in.-diameter HSSS strands. Design objectives 

and construction of the test girders are explained in Chapter 4. Chapter 5 discusses experimental 

results for transfer length of 0.6-in.-diameter HSSS strands. The flexural test setup and 

instrumentation are described in Chapter 6. Chapter 6 also includes discussion on prestress losses 

and flexural tests results. Chapter 7 presents models used to estimate the flexural strength of 

girders. Chapter 8 presents proposed equations to estimate nominal flexural resistance. Chapter 9 

presents design guidelines for concrete bridge beams prestressed with HSSS strands. The shear 

test setup and instrumentation are described in Chapter 10. Chapter 10 also includes discussion on 

shear tests results. Finally, Chapter 11 gives a summary and conclusions.  
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CHAPTER 2 LITERATURE REVIEW 
 

2.1 Introduction 

Stainless steel is not a single type of steel, but rather a combination of a group of metallic 

materials and alloys containing, but not limited to, chromium, nickel, molybdenum, manganese, 

copper and nitrogen (2017). Mechanical and corrosion resistance properties of stainless steel are 

directly affected by the proportion of the elements. The stainless steel gets its improved corrosion 

resistance from the chromium content, which forms a very thin passive film layer to resist 

atmospheric or electrochemical corrosion. A minimum chromium content of 10.5% is required to 

consider the material as stainless steel (Dundu 2018). The corrosion resistance of the stainless steel 

is enhanced by the nickel and molybdenum proportions. 

One of the earliest structural uses of stainless steel was in the renovation activities of St Paul’s 

Cathedral in London in 1925 (Baddoo 2008). A stainless steel reinforcing chain was used to 

stabilize the dome. Although the cost of stainless steel is high compared to other materials, the rate 

of growth of the annual consumption of stainless steel has increased significantly in the last three 

decades (Baddoo 2008). It was estimated that approximately 4 billion tons of stainless steel were 

used worldwide in construction applications in 2006. 

Multiple stainless steel alloys (i.e. austenitic, ferritic and duplex) are available, and each of 

them can be used to form a reinforcing bar or seven-wire prestressing strand. The chemical 

composition of any developed stainless steel bar or strand shall be within the range specified by 

ASTM A276 (2017). Stainless steel reinforcing materials are viable options, offering durability 

and potentially less maintenance work. The main limitation of the use of stainless steel in structural 

applications is its high cost. Stainless steel reinforcing materials are more expensive than carbon 

steel reinforcing materials. Therefore, careful consideration and efficient use of stainless steel is 

needed. The price of stainless steel varies, as it depends on the availability of the raw material and 

the manufacturing process (Gedge 2008; Medina et al. 2015; Salomon and Moen 2014). Duplex 

stainless steel is cheaper than austenitic stainless steel because of its lower nickel content; it is one 

of the most highly available types. Stainless steel material has been used in the construction 

industry for many decades in the form of reinforcing rebars. Around a decade ago, stainless steel 

material was introduced to the construction industry in the form of seven-wire prestressing strands. 
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2.2 Mechanical properties and corrosion resistance performance 

Multiple types of stainless steel strands have been developed, and researchers have evaluated 

their mechanical properties and/or corrosion resistance performance. Moser et al. (Moser et al. 

2013; Moser et al. 2012) conducted a preliminary investigation to evaluate the mechanical 

properties of six different high strength stainless steel wires and their corrosion resistance 

performances in alkaline and carbonated concrete solutions. The six stainless steel wires were 

austenitic Grades 304 and 316, martensitic Grade 17-7, and duplex Grades 2101, 2304 and 2205. 

It was proven that it is possible to obtain mechanical properties of carbon steel strand by tensile 

testing a single wire taken from the strand (Moser 2011). Thus, tensile tests were performed on a 

single wire of stainless steel strands for all six specimens, and stress-strain curves were plotted. 

The diameter of a single wire was 0.16 in., which is comparable to a single wire from a 0.5-in.-

diameter carbon steel strand. (Mullins et al. 2014) evaluated the mechanical and corrosion 

resistance properties of three different stainless steel strands (Grade 316, XM29 and duplex Grade 

2205) and carbon steel strand Grade 270, as the control. Schuetz (Schuetz 2013) evaluated the 

mechanical properties of duplex Grades 2205 and 2304 prestressing strands. 

Results from previous studies have revealed that all tested stainless steel strands, regardless of 

their type, had rounded stress-strain curves once the elastic modulus is deviated. The degree of 

roundedness, level of strain hardening, ultimate stress, ultimate strain, and corrosion resistance 

property varied among types. The differences in roundedness of the stress-strain curves for six 

types of stainless steel strands can be found in a report done by (Moser et al. 2013). The degree of 

roundness depends on many factors such as chemical composition, heat treatment and level of cold 

work (Gardner 2005). Unlike carbon steel strands, stainless steel strands have a rounded stress-

strain curve with early nonlinearity. The early nonlinear behavior is due to the presence of residual 

stress from the cold-drawing process where steel does not receive a stabilizing heat treatment 

(Moser 2011). Therefore, the presence of residual stresses results in a lower elastic modulus. The 

level of cold work has a significant effect on not only the degree of roundness but also on 

mechanical properties, specifically ultimate strength. The cold-drawing process is essential to 

achieve high tensile strength but it decreases ultimate strain (Nürnberger and Wu 2008). All 

previous research has concluded that Duplex High-Strength Stainless Steel (HSSS) strand Grade 

2205 is the best option because of its high strength and corrosion resistance properties. 
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2.3 Guaranteed mechanical properties for stainless steel strands 

As with all new products, the lack of a standard specification on guaranteed mechanical 

properties of stainless steel strands has delayed their implementation in structural applications 

despite their desired corrosion resistance property. Stainless steel strand is made from different 

alloys compared to carbon steel strand and thus mechanical properties specified for carbon steel 

strand by ASTM A416 (2017) cannot be applied to stainless steel strand. The growing interest in 

using stainless steel strand has led to the development of ASTM A1114, which was released in 

2020. ASTM A1114 specifies the minimum required mechanical properties of Grade 240 stainless 

steel strands, which are different than those for carbon steel strands.  

Note that the mechanical properties of stainless steel strand might vary from spool to spool due 

to multiple reasons such as the wire rod used to make prestressing strands is not perfectly identical 

from heat to heat, chemistry variances of the elements alloyed, and processing variances. The 

release of ASTM A1114 makes it easier for bridge owners to implement stainless steel strands in 

their projects because the design of any stainless steel prestressed concrete members will be based 

on the guaranteed acceptable values specified by ASTM A1114. 

2.4 Galvanic corrosion 

Galvanic corrosion occurs when two dissimilar materials are used together. Several studies 

have shown that the rate of corrosion will not increase when carbon steel and stainless steel rebars 

are used in the same concrete structure, even if they are in direct electrical contact (Abreu et al. 

2002; Ji et al. 2005). Therefore, hybrid use of stainless steel and carbon steel rebars was considered 

as a viable option to optimize cost and increase durability of concrete structures. In multiple 

projects, stainless steel reinforcement was placed in the outermost reinforcement layers, which are 

the most exposed regions to chloride, and the remaining layers were carbon steel reinforcement 

(Markeset et al. 2006). 

2.5 Research conducted by state departments of transportation (DOTs) 

Many state DOTs have shown interest in stainless steel strands by sponsoring research projects. 

In 2014, Florida Department of Transportation (FDOT) completed a research study investigating 

the use of different types of stainless steel strands in prestressed concrete piles (Mullins et al. 

2014). The conclusion was to allow the use of HSSS strands in piles. Georgia Department of 

Transportation (GDOT) conducted a study on constructability and evaluation of prestressed 

concrete piles using HSSS strands (Paul et al. 2015). The study finished in 2015 and concluded 
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that design requirements and construction procedures used for carbon steel strands in prestressed 

concrete piles can be used for stainless steel strands. Virginia Department of Transportation 

(VDOT) conducted a pilot study to monitor fabrication and driving of HSSS strand in prestressed 

concrete piles in new bridges in Virginia (Troconis et al. 2020). The study finished in 2020, and it 

permitted the use of HSSS strands in bridge elements in Virginia where it is needed, but it did not 

provide any design guidelines for this new material in flexural members. After successful research 

projects by Florida, Georgia, and Virginia DOTs, many other state DOTs have already used or 

allowed the use of HSSS strand in prestressed piles. Much of the previous work has focused on 

the constructability, fabrication, and evaluation of stainless steel prestressed concrete piles. So, 

apparently, very limited research has been performed on the application of HSSS strand in flexural 

members. 

2.6 Current stainless steel design guidelines 

Current design guidelines for carbon steel and carbon fiber reinforced polymer (CFRP) strands 

in prestressed concrete are based on the results of decades of research work, large-scale 

experiments, and lessons learned from field applications. Stainless steel strands have different 

stress-strain behavior compared to that for carbon steel and CFRP strands. Stainless steel strand 

shares only one mechanical property with CFRP strand, which is low ductility. Thus, the design 

provisions developed for concrete members with carbon steel strands or CFRP strands are not 

necessarily applicable to those with stainless steel strand. The design methodology must account 

for the stress-strain behavior of the stainless steel strand.  

Because stainless steel strands are relatively new to the construction industry, few studies and 

experimental tests have been conducted. Therefore, no design guidelines or codes have been 

drafted yet to assist engineers in the design of the stainless steel prestressed concrete flexural 

members. 

2.7 Projects utilized stainless steel reinforcing materials 

2.7.1 Stainless steel rebars 

One of the earliest uses of the austenitic stainless steel rebars was in the construction of 

Progreso Pier in Mexico in the 1940s, where around 200 tons of stainless steel bars were used 

(Castro-Borges et al. 2002). The Progreso Pier was constructed in a highly-corrosive environment, 

classified as grade 5, corrosive aggressivity, in the scale of the International Organization of 

Standardization (ISO) (Maldonado and Veleva 1999). Although the Progreso Pier has not received 
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any type of maintenance during the first 60 years of service, no signs of deterioration were 

observed in the pier during the inspection almost 20 years ago (Castro-Borges et al. 2002). 

The earliest use of stainless steel rebars in bridge concrete decks in the United States was in 

1983. After 25 years in service, the deck-slab exhibited no deterioration according to the inspection 

report (Kahl 2011). Therefore, it can be inferred that using stainless steel, even in highly-corrosive 

environments, can significantly reduce demand for inspection and maintenance. A restriction of 

1.5-in. concrete cover, to the keep the existing geometry and roadway approach, pushed the choice 

of stainless steel as the main reinforcement in a bridge deck in Michigan (Kahl 2011). 

Stainless steel rebars have already been utilized worldwide in multiple structures such as 

bridges, retaining walls, and foundations (Baddoo and Kosmac 2010; Markeset et al. 2006; Rabi 

et al. 2019).  

2.7.2 Stainless steel strands 

Stainless steel strands do not have a long history in the construction industry compared to 

stainless steel rebars. Stainless steel seven-wire prestressing strands became available to the bridge 

industry around a decade ago. Stainless steel strands are an attractive choice for state departments 

of transportation (DOTs), especially DOTs with bridges in extremely aggressive environments. 

For example, in Florida, so many prestressed concrete bridges will be constructed in extremely 

aggressive marine environments in the future. 

Stainless steel strands have been utilized in piles in multiple projects around the United States 

to extend the service life of the substructure. The earliest use of HSSS strands in concrete piles in 

the United States was in 2013. As of 2020, a total of 17 projects have used stainless steel strands. 

Table 2-1 provides information about projects that used stainless steel strands in the United States. 

The growing interest by state DOTs in using stainless steel piles has increased in recent years. 

The use of HSSS strands was mostly in piles. The delay of implementation of HSSS strands in 

flexural members can be attributed to two factors. First, limited research and/or full-scale 

experimental work have been conducted to evaluate the flexural behavior of concrete members 

prestressed with stainless steel strands. Second, there is a lack of design guidelines and codes. 
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Table 2-1 Projects that used HSSS strands in the United States  
Number Project name Owner Year Application 

1 Nimmo Parkway VDOT 2013 Piling 

2 Riceboro Creek GDOT 2016 Piling 

3 Satilla River GDOT 2016 Piling 

4 LA 1 Grand Isle LADOT 2017 Piling 

5 Cedar Key Bridge FDOT 2018 Piling 

6 High Rise Bridge VDOT 2018-2019 Piling 

7 Arlington Bridge EFL* 2018-2019 Deck panels 

8 Wilmington River Bridge GDOT 2018-2019 Piling 

9 Jimmy Delouch Parkway GDOT 2018-2019 - 

10 Queens Creek VDOT 2019 Piling 

11 Seneca 19 ODOT 2019 Box girder beams 

12 Sterling Creek Bridge GDOT 2019 Piling 

13 Pipe Makers Canal GDOT 2019 Piling 

14 Skyway Bridge 19025 FDOT 2019 Sheet pile 

15 Island Parkway GDOT 2019 Piling 

16 Brick Kiln Creek Bridge VDOT 2019 Piling 

17 US41/Tamiami Trail FDOT 2019 Piling 

* Eastern Federal Land  
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CHAPTER 3 MECHANICAL AND BOND STRENGTH PROPERTIES 
 

3.1 Introduction 

Many parameters are involved in the design of prestressed concrete members such as: 

mechanical properties of the strands, concrete strength, and effective prestress. The mechanical 

properties of the strands can be determined from tensile tests. HSSS strands are relatively new to 

the construction industry. Thus, mechanical properties of HSSS strands need to be evaluated. 

In pretensioned concrete members, the prestressing force is transferred from strand to concrete 

through bonding. This bonding depends on many parameters such as: concrete strength, surface 

condition of the strand, and type and size of the strand. For the surface condition of the strand, any 

lubricant residue left from the manufacturing process can affect both the chemical adhesion and 

friction of the strand (Polydorou et al. 2016). In some cases, residue materials on the strand’s 

surface cannot be identified by visual inspection. The strand is bonded to the concrete through 

chemical adhesion on the surface of the strand before slippage occurs between the strand and the 

concrete (Riding et al. 2016). However, once slippage occurs, the bonding is controlled by friction. 

Unlike carbon steel strands, HSSS strands are shiny and do not hold rust on their surface. 

Therefore, HSSS strands can be classified as smooth compared to carbon steel strands. Thus, the 

bond strength of HSSS strands needs to be evaluated. 

This chapter investigates the mechanical properties of 0.6-in.-diameter HSSS strands. Tensile 

tests were performed on 25 0.6-in.-diameter HSSS strands from two spools. A stress-strain 

equation was developed and is proposed for HSSS strands. The proposed equation satisfies ASTM 

A1114 requirements and is in good agreement with experimental results. Also, this work evaluates 

the bond strength properties of 0.6-in.-diameter HSSS strands where six HSSS strands were tested 

for bond strength following ASTM A1081 (2015). 

3.2 Comparison of carbon steel and HSSS strands 

Because HSSS strands are made from different alloys compared to carbon steel strands, their 

stress-strain relationship is fundamentally different than that of carbon steel strands. The HSSS 

strands have early nonlinearity with a rounded stress-strain curve once the elastic modulus is 

deviated, and thus they exhibit no discernable yield plateau as shown in Figure 3-1. 

The minimum required mechanical properties of the carbon steel strands are specified by 

ASTM A416 for both Grade 250 and Grade 270. Recently, ASTM A1114 was published defining 

the minimum required mechanical properties of the stainless steel strands Grade 240. The decrease 
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in the Grade from 270 in ASTM A416 to 240 in ASTM A1114 is attributed to the chemical 

composition of the strand. Some alloying elements, used to make stainless steel strands, control 

the ultimate tensile strength. ASTM A1114 specifies two sizes for stainless steel strands, 0.52-in. 

and 0.62-in. diameter. 

 
Figure 3-1 Comparing stress-strain diagram of stainless steel strands versus carbon steel strands 

Table 3-1 lists the minimum requirements for 0.52-in.- and 0.62-in.- diameter strands from 

ASTM A416 Grade 270 and ASTM A1114 Grade 240. The area and weight of stainless steel 

strands Grade 240 are equal to those of the carbon steel strands Grade 270. The strength at 1% 

elongation, breaking strength, and elongation are lower than those of the carbon steel strands Grade 

270. The most significant difference between stainless steel and carbon steel strands is elongation. 

The minimum guaranteed elongation of carbon steel strands is 2.5 times greater than that of 

stainless steel strands. Thus, stainless steel strands exhibit almost no strain hardening compared to 

carbon steel strands. This reduction in elongation significantly affects the design philosophy when 

using stainless steel strands in prestressed concrete members. 
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Table 3-1 Minimum required mechanical properties of 0.52-in.- and 0.62-in.-diameter strands 
Parameters ASTM A416 

Grade 270 
ASTM A1114 

Grade 240 
Nominal diameter (in.) 0.52 0.62 0.52 0.62 

Area (in#) 0.167 0.231 0.167 0.231 

Strength @ 1% extension (lbf) 40,500 56,520 36,100 49,860 

Breaking strength (lbf) 45,000 62,800 40,100 55,400 

Elongation (%) 3.5 3.5 1.4 1.4 

Weight of strand lb/1000 ft 570 780 570 780 

 

3.3 Tensile tests 

3.3.1 Preparation of specimens 

Two 0.6-in.-diameter HSSS strand spools were received, at different times, in ideal condition 

free of rust and any visible defects. It was stored at the FDOT Structures Research Center (SRC) 

and protected from damage such as oil, excessive bending, and any physical damage. A mill test 

certificate for each spool was provided by the manufacturer, specifying the mechanical properties 

of the HSSS strands. The mill test certificate for both spools can be found in Appendix A. The 

mechanical behavior of HSSS strands might vary from spool to spool due to multiple reasons such 

as the wire rod used to make prestressing strands is not perfectly identical from heat-to-heat, 

chemistry variances of the elements alloyed, and processing variances. Therefore, tensile tests 

were performed on multiple samples that were taken from the two spools. Both spools were 

manufactured by Sumiden Wire. The samples from the two spools were referred to as first spool 

and second spool throughout this work. It is recommended to test three specimens per material 

size or type (Mullins et al. 2014). 

Fifteen HSSS strand specimens were taken from the first spool. Ten specimens were taken 

from the beginning of the spool. Then the strand in the spool was used to fabricate several 

pretensioned concrete beams. The other five specimens were taken from the strand’s leftover at 

the end of the precasting bed after releasing the strands. Ten HSSS strand specimens were taken 

from the second spool. Five specimens were taken directly from the spool, and the other five 

specimens were taken from the strand’s leftover at the end of the precasting bed. All specimens 

were sent to the FDOT State Materials Office (SMO) for tensile testing. 

There are multiple methods for gripping strands in the tensile test. HSSS strands exhibit grip 

slippage and have complications with the gripping mediums such as stress concentration and 
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premature failure. Therefore, the ends of the strands were coated with high modulus epoxy and 80 

grit silicon carbide to create a friction grip and prevent grip slippage as shown in Figure 3-2a and 

Figure 3-2b. This coating approach seems to be the best available method to transfer force from 

the grips to HSSS strands because it aims to eliminate failure at the strand’s ends. All specimens 

were tensile tested using the grout coating approach except for five specimens, which were taken 

directly from the first spool. Those specimens were tensile tested using chucks as a primary 

gripping device. Table 3-2 shows the test matrix of the tensile tests in this experimental program. 

 

 
(a) coating end of a specimen 

with epoxy 

 
(b) specimens prepared to be 

tensile tested 

 
(c) seating the end of the 

specimen in the grip 

 
(d) preload to align the strand 
and seat the ends in the grips 

 
(e) attached extensometer to 

measure strain up to 1% 
elongation 

 
(f) failure of the specimen 

close to the grip 

Figure 3-2 Preparation and testing of specimens using grout 
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Table 3-2 Test matrix of the tensile test 
Number of specimens 

Source of strand Beginning of spool Leftover from bed 

Testing method Grout coating Chuck devices Grout coating 

First spool 5 5 5 

Second spool 5 - 5 
 

3.3.2 Test setup 

3.3.2.1 Using coating approach 

A universal testing machine (UTM) was used for the tensile tests. The length of each specimen 

was 50 in., and the minimum required strand length to be inserted in the grips is 8 in. as shown in 

Figure 3-2c. This embedded length allows for a full transfer of the load from the grips to the strand. 

A preload of around 10% of breaking strength was applied to align the strand and seat the ends in 

the grips, Figure 3-2d. Once the strand was aligned and tight, a 24-in. extensometer was attached 

to the strand leaving a 5-in. clear distance between the jaws and the extensometer, Figure 3-2e. 

The extensometer measured strain up to around 1% extension with an accuracy of 0.01% and then 

it was removed to prevent possible damage, as HSSS Grade 2205 strands have low ultimate strain. 

Once the extensometer was removed, the machine was reloaded, and the data collection was 

switched from the extensometer to the UTM. The UTM calculates strain by measuring 

displacement between the machine’s crossheads. 

3.3.2.2 Using chuck devices 

The objective of these tests was only to verify that regular chucks can be used to tension HSSS 

strands in the casting yard. Several methods can be used to grip the strands for the tensile test. The 

type of strand and tensile testing machine determine which gripping method to use. ASTM A1061 

(2016) does not specify a single gripping method for all types of strands and tensile testing 

machines, but rather leaves it to the tester to decide which method is more suitable. It is clearly 

stated that chucks shall not be used as a primary gripping device in the tensile tests. However, 

chucks are used in the field for normal tensioning procedures. Therefore, chucks were used as the 

primary devices in the tensile tests to ensure that they can be used to tension HSSS strands in 

casting beds. 
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3.3.3 Results 

3.3.3.1 Using coating approach 

Tensile tests were performed on 20 0.6-in.-diameter HSSS strands, ten from each spool. All 

specimens were tensioned until breakage, which is defined as failure state. Failure of all strands 

happened at one end, close to the jaw as shown in Figure 3-2f. The failure of all strands was 

categorized as pure rupture. The measured area for the first spool was 0.230 in2 and for the second 

spool was 0.228 in2. Statistical summaries of tested strands are presented in Table 3-3 and Table 

3-4 for specimens from the first and second spools, respectively. Experimental results of two 

strands from the second spool were excluded from the summary in Table 3-4. The first one was 

excluded because the specimen length was shorter than the required length, and the extensometer 

could not be installed to measure elongation. The second one was excluded because the specimen 

was not seated perfectly in the grips, which significantly affected the experimental results. 

 

Table 3-3 Statistical summary of test results for specimens from the first spool 

Specimen 
type 

Specimen 
no. 

Load at 
1% (kip) 

𝑓$% 
(𝑘𝑠𝑖) 

Ultimate 
load (kip) 

𝑓$& 
(𝑘𝑠𝑖) 

𝑓$%
𝑓$&

 

(%) 

Elongation 
(%) 

𝐸$' 
(𝑘𝑠𝑖) 

Beginning 
of spool  

1 52.52 228.34 60.25 261.93 87.2 1.87 24,100 
2 52.61 228.72 60.35 262.40 87.2 1.85 24,500 
3 52.50 228.27 60.12 261.40 87.3 1.83 24,600 
4 51.72 224.86 60.31 262.22 85.8 1.89 23,900 
5 52.47 228.11 60.07 261.16 87.3 1.86 24,400 

Leftover 
from bed 

6 53.41 232.23 60.14 261.47 88.8 1.76 25,200 
7 53.88 234.27 59.99 260.81 89.9 1.69 25,900 
8 53.43 232.32 60.36 262.43 88.5 1.80 25,200 
9 53.42 232.25 60.01 260.89 89.0 1.75 25,600 
10 53.41 232.23 60.11 261.35 88.9 1.78 25,800 

Maximum     89.8 1.89 25,900 
Minimum     85.8 1.69 23,900 
Average 52.94 230.16 60.17 261.61 88.0 1.81 24,920 

Standard deviation 0.667 2.900 0.139 0.602 1.218 0.064 716 

 

Stress-strain plots of the tested HSSS strands are shown in Figure 3-3; note that the stress-

strain behavior is different between specimens from the first spool and second spool. This 

difference is attributed to the chemical composition of alloys used to manufacture the strands. 

Tensile test results showed that the HSSS strands exhibit a rounded stress-strain curve once the 

elastic modulus slope is deviated with early nonlinearity. Figure 3-3 shows a small drop in stress 
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at around 1% strain. This drop occurred due to unloading the strand to remove the extensometer. 

It should be noted that this drop was unavoidable, but it could have been minimized by removing 

the extensometer more quickly and reloading the UTM. 

 
Figure 3-3 Stress-strain curves of the tested stainless steel specimens using coating approach 

 

Table 3-4 Statistical summary of test results for specimens from the second spool 

Specimen 
type 

Specimen 
no. 

Load at 
1% (kip) 

𝑓$% 
(𝑘𝑠𝑖) 

Ultimate 
load (kip) 

𝑓$& 
(𝑘𝑠𝑖) 

𝑓$%
𝑓$&

 

(%) 

Elongation 
(%) 

𝐸$' 
(𝑘𝑠𝑖) 

Beginning 
of spool  

1 51.06 223.96 56.87 249.42 89.8 1.62 24,500 
2 50.62 222.02 56.66 248.51 89.3 1.63 24,200 
3 50.18 220.10 56.77 248.97 88.4 1.71 24,200 
4 50.58 221.83 56.41 247.42 89.7 1.59 24,600 

Leftover 
from bed 

5 51.40 225.44 56.95 249.80 90.3 1.63 25,300 
6 52.06 228.33 57.12 250.52 91.1 1.59 25,300 
7 51.21 224.61 57.02 250.10 89.8 1.64 24,800 
8 51.84 227.37 57.22 250.97 90.6 1.66 25,400 

Maximum      1.71 25,400 
Minimum      1.59 24,200 
Average 51.12 224.21 56.88 249.46 89.9 1.63 24,788 

Standard deviation 0.645 2.831 0.262 1.150 0.826 0.036 494 

 

Table 3-5 gives ASTM A1114 and FDOT requirements (2020), mill certificates provided by 

the manufacturer for each spool, and average experimental results. All specimens from the first 

and second spools satisfied ASTM A1114 and FDOT requirements. The areas of the tested 

specimens were slightly lower than the required value by ASTM A1114 because the diameter of 

the tested specimens was 0.6 in. while ASTM A1114 provides minimum required mechanical 
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properties only for 0.62-in. diameter. Note that the tested strands were produced before the release 

of ASTM A1114. 

 
Table 3-5 Mechanical properties for 0.6-in.-diameter HSSS strands 

 Area 
(in#) 

Yield 
strength 

(kip) 

Breaking 
strength 

(kip) 

Ultimate 
stress (ksi) 

Elongation 
(%) 

Elastic 
modulus 

(ksi) 

Standard 

requirements 

ASTM A1114 0.2310 ≥	49.86 ≥	55.400 ≥	240 ≥	1.4 - 

FDOT 0.2310 ≥	49.86 ≥	55.400 ≥	240 ≥ 	1.4 - 

First spool 
Manufacturer 0.2328 52.92 59.76 256.65 1.90 24,400 

Average 
tensile tests 

0.2300 52.94 60.17 261.61 1.81 24,920 

Second spool 
Manufacturer 0.2306 50.59 55.47 240.56 1.60 23,900 

Average 
tensile tests 

0.2280 51.12 56.88 249.46 1.63 24,788 

3.3.3.2 Using chuck devices 

Five specimens from the first spool were tested by using chucks as a primary gripping device 

at the FDOT SMO. The chucks were attached to the ends of the strands and neither epoxy nor 80 

grit silicon carbide were used to coat the ends of the strands. The strands were preloaded to 10% 

of breaking strength and then an extensometer was attached. The UTM was unloaded at 1% 

extension to remove the extensometer, to avoid damage. Once the extensometer was removed, the 

strand was reloaded again until failure. The stress-strain curves of specimens tested using grout 

coating and chuck devices are illustrated in Figure 3-4. Average mechanical properties of the five 

tested strands are reported in Table 3-6. A reduction in all parameters was observed (breaking 

strength, load at 1% extension, ultimate strain and modulus of elasticity) when strands were tested 

with chucks. This is clear evidence that using chucks for tensile tests does not produce the full 

capacity of strands and should not be used as stated by ASTM A1016. The behavior of the strands 

before yielding was not significantly affected compared to after yielding. Usually strands in the 

casting bed are tensioned within its elastic limit, below yield strength. It can be concluded from 

Figure 3-4 that the strands lost some of their mechanical behavior due to stress concentration from 

the grips at the ends of the strands. Figure 3-5a shows a HSSS strand tensile tested using chucks 

as primary gripping devices. Failure of all five specimens happened at one end at the point where 

the chucks gripped the strands, as shown in Figure 3-5b. Figure 3-5c shows a notching effect of 
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the grips, which resulted in failure of the strand. To conclude, chucks can be used to initially stress 

HSSS Grade 2205 strands for prestressed concrete member fabrication. 

 
Figure 3-4 Stress-strain curves of specimens using grout coating and chuck devices 

Table 3-6 Mechanical properties of stainless steel strands using grout coating and chuck devices 
Parameters Using grout coating Using chuck devices Reduction (%) 

Area (in#) 0.2328 0.2328 0 

Strength @ 1% extension (lbf) 52,937 51,918 1.92 

Breaking strength (lbf) 60,169 57,792 3.95 

Elongation (%) 1.81 1.60 11.60 

Elastic modulus (ksi) 24,920 23,900 4.09 

 

3.3.3.1 Yield strength 

There are multiple methods to determine the yield strength of prestressing strands. The most 

common ones are the extension under load (EUL) and the offset methods. ASTM A416 and ASTM 

A1114 propose EUL method for seven-wire prestressing strand. Those ASTMs define the yield 

strength as the stress when the total strain reaches 1%, and the yield strength must be at least 90% 

of the ultimate strength. The average values of the yield and breaking strength of specimens from 

both spools were higher than the required values by ASTM A1114 as shown in Table 3-5. 

However, Table 3-3 and Table 3-4 show that all specimens from the first spool and some 

specimens from the second spool did not meet the 90% yield strength requirement. The average 
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ratio of the yield strength to breaking strength was 88.0% and 89.9% for specimens in the first 

spool and second spool, respectively. 

 

 
(a) attached extensometer to 

measure strain up to 1% 
elongation 

 

 
(b) failure of the specimen at 

the chuck 

 

 
(c) notching effect of grips on the HSSS 

strands 
 

Figure 3-5 Preparation and testing of specimens using chuck devices 

The offset method defines the yield stress as the intersection of the stress-strain curve with a 

line that starts at a specified strain value and runs parallel to the linear region of the stress-strain 

curve. Eurocode2 specifies the start strain value as 0.1%; this method is called the 0.1% offset 

method (2004). The 0.2% offset method is recommended by Korean Concrete Institute, which 

specifies the start strain value as 0.2% (2012). Schuetz  suggested to use 1.2% extension method 

or 0.2% offset method to determine the yield strength of HSSS Grade 2205 strands (Schuetz 2013). 

In this research, yield strengths calculated using 1.2% extension method or 0.2% offset method 

were higher than 90% of the ultimate strength, which satisfies the 90% yield strength requirement 

by ASTM A1114. 

3.3.4 Differences in tensile testing HSSS strands 

The professional technician who performed the tests reported multiple differences between 

tensile testing of carbon steel strands and HSSS strands. First, the HSSS strands kept their shape 

as bent on the spool, which resulted in difficulties seating both ends of the specimen in the top and 

bottom grips. Second, the location of the break of the HSSS specimens was in close proximity to 

the grip in all specimens tested, while the carbon steel strands broke at random locations. Third, 

the epoxy coating, Figure 3-2a, peels from HSSS specimens. Fourth, the HSSS specimens failed 

faster than the carbon steel strands, where the plastic strain was vastly smaller than that of the 
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carbon steel strands. Fifth, special attention was needed when removing the extensometer (after 

reaching 1% extension) because the HSSS specimens might break while removing the 

extensometer due to its short plastic strain. 

3.4 Stress-strain model 

3.4.1 Background 

The stress-strain behavior of HSSS strands is different from that of carbon steel strands. 

Therefore, a new stress-strain equation needs to be developed. The stress-strain formula is 

necessary for strength design and numerical analysis of prestressed concrete members. A widely 

accepted method for describing stress-strain behavior of a material is the Ramberg-Osgood model 

(Ramberg and Osgood 1943). The original model was developed for aluminum alloys and was not 

valid and accurate for materials with highly nonlinear stress-strain relationships. Many researchers, 

afterwards, have modified the model for either different materials or to better fit experimental tests. 

One of the most widely-used analytical formulas, known as the power formula, was derived from 

the modified Ramberg-Osgood function (Collins and Mitchell 1991). The power formula was 

proposed by Mattock (Mattock 1979) and has been proven suitable for highly-nonlinear materials. 

It consists of four curve fitting constants as shown in Equation 3-1. The methodology behind this 

formula is to divide the stress-strain curve into two straight lines connected by a curve. The first 

line is for the elastic region, and the second line is for the inelastic region; the two lines are 

connected by a curve, which is around the yield point. As long as the actual stress-strain curve is 

available, either from the manufacturer or actual tests, those four curve-fitting variables can be 

calculated. A detailed procedure for calculating curve-fitting constants for the power formula is 

given in (Collins and Mitchell 1991). 

σ = 𝐸𝑝𝑠 ∗ 𝜀 /𝐴+	 1−𝐴

[1+(𝐵	∗	𝜀)𝐶]
1/𝐶0     Equation 3-1 

where 
σ = stress in strand, ksi 
𝐸&' = modulus of elasticity of strand, ksi 
𝜀 = strain in strand, in./in. 
A, B, and C = constant 

Researchers have developed power formulas for all available low-relaxation carbon steel 

strand sizes. Table 3-7 shows power formulas for three sizes of carbon steel strand Grade 270. 

(Devalapura and Tadros 1992) studied 56 stress-strain curves for low-relaxation carbon steel 

strand Grade 270; half of the stress-strain curves were obtained from the manufacturers, while the 
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other half were tested by the researchers. The specimens were made from different types of steel 

and were tested by different machines. A statistical lower-bound curve was derived from the 56 

curves. The study resulted in proposed curve fitting constants for the power formulas for 0.5-in.-

diameter low-relaxation carbon steel strands. The proposed power formula curve was as close as 

possible to the experimental lower-bound curve and satisfied the yield strength requirements of 

ASTM A416. (Collins and Mitchell 1991) proposed curve fitting constants for the power formula 

for 0.6-in.-diameter carbon steel strand Grade 270. The power formula is not limited to certain 

strand diameters; (Morcous et al. 2011) recently proposed a power formula for 0.7-in.-diameter 

carbon steel strand Grade 270. The curve fitting constants for the proposed power formula were 

calculated after testing 40 strands from two different producers and by two different machines. All 

proposed power formulas result in a conservative curve which lies below the actual stress-strain 

curves. This is mainly because the proposed power formulas were developed to fit the lower-bound 

curve of tested strands. PCI Design Handbook (2010) provides approximated equations for 7-wire 

low-relaxation strands. The PCI equations are divided into two parts: the first part is for the elastic 

region, and the second one is for the plastic region. 

 
Table 3-7 Power formulas for low-relaxation carbon steel strands Grade 270 

Author Diameter 
(in.) 

Modulus of elasticity 
(ksi) Proposed stress-strain equation 

(Devalapura and 
Tadros 1992) 0.5 28,500 𝜎 =	𝐸𝑝𝑠 ∗ 𝜀 50.031 +	

0.969

[1 + (112.4 ∗ 𝜀)+.-.]
/

+.-.
?	 

(Collins and 
Mitchell 1991) 0.6 29,000 σ = 𝐸𝑝𝑠 ∗ ε50.025 +	

0.975

[1 + (118	 ∗ 	ε)/0]
/
/0
?	 

(Morcous et al. 
2011) 0.7 28,500 σ = 𝐸𝑝𝑠 ∗ εD0.02 +	

0.98

[1 + ( E ∗ ε
1.03 ∗ 𝑓$%

)+.--]//+.--
F 

3.4.2 Proposed model for 0.6-in.-diameter HSSS strands 

The format of the modified Ramberg-Osgood function, given in Equation 3-1, was used for 

the stress-strain models of the two HSSS spools. 

3.4.2.1 Tensile tests 

As mentioned previously, ten 50-in.-long specimens from each spool were tested in direct 

tension. The three coefficients (A, B, and C) in Equation 3-1 were calculated to obtain a best fit 
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with the lower-bound curve of the tested strands. Table 3-8 summarizes the proposed coefficients. 

Figure 3-6 shows the measured stress-strain curves as well as the curves from the proposed 

equations. 

Table 3-8 Coefficient of modified Ramberg-Osgood function for HSSS strands 
Specimen ID A B C 

Spool no. 1 0.065 100 6.5 

Spool no. 2 0.050 102 7.0 

 

 
Figure 3-6 Comparison of measured and calculated stress-strain curves of stainless steel strands  

3.4.2.1 Design purposes 

ASTM A1114 requirements represent the minimum guaranteed mechanical properties for 

stainless steel strands. Thus, the proposed stress-strain equation for design purposes shall represent 

the ASTM A1114 minimum requirements and have the same shape as the tested specimens. This 

means that for 1% strain and 1.4% strain, the proposed equation shall result in a stress of 216 ksi 

and 240 ksi, respectively. The curve-fitting constants in Equation 3-1 were determined to 

adequately match the ASTM A1114 requirements as well as have the same stress-strain shape as 

the tested specimens. The proposed stress-strain equation for 0.6-in.-diameter HSSS strands is 

given in Equation 3-2; where 𝜎 is stress in the strands and 𝜀 is the strain in the strand. 

𝜎 = 	24,000 ∗ 𝜀 @0.06 +	 O.QR
[*S(*O*∗T)1.23]4/1.23

C      Equation 3-2 
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Figure 3-7 provides a visual representation of the proposed equation along with the average 

stress-strain curves from the experimental results of the two spools. The proposed equation fits the 

lower-bound curve of the tested strands in the elastic region; this was achieved by taking the elastic 

modulus equal to 24,000 ksi. The proposed equation is parallel to the shape of the curves for the 

two spools in the plastic region. The proposed equation is conservative and underestimates the 

strand behavior of the two spools, and it is conservative compared to the actual behavior of the 

HSSS strands because the manufacturers will always produce HSSS strands that have mechanical 

properties higher than the minimum requirements in ASTM A1114. 

 
Figure 3-7 Comparing stress-strain model of the proposed equation versus experimental stress-

strain models 

3.5 Bond strength tests 

Bond strength quantifies the bonding between a strand and the surrounding concrete in a 

pretensioned concrete member. The strand bond strength can be evaluated by either performing a 

bond test of a single strand in a mortar, or by measuring transfer and development lengths in 

pretensioned concrete members (Dang et al. 2018). A test procedure to measure strand bond 

strength is provided by ASTM A1081 (2015), which was adopted from North America Strand 

Producers (NASP), where the strand is pulled out from a sand-cement mortar (Dang et al. 2018; 

Morcous et al. 2011). However, the bond strength test does not simulate the practical behavior of 

a prestressed concrete member because the strand is not prestressed. The transfer and development 

lengths have been estimated from the bond strength test, where strength from the Hoyer effect was 

added (Brandes and Kurama 2018). 
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3.5.1 Preparation of specimens 

The bond strength tests were performed according to ASTM A1081 protocol (2015). The test 

requires a minimum of six strands and 15 mortar cubes. Six HSSS strands were taken from the 

first spool, in as-received condition and preserved from foreign substances. Six specimens were 

prepared by casting sand-cement mortar in a steel pipe around a single 0.6-in.-diameter HSSS 

strand as shown in Figure 3-8. The steel tube was 5-in.-diameter and 24 in. tall. A 2-in.-long steel 

breaker was placed at the bottom of the can. This steel breaker is used to debond the strand and 

reduces the confinement pressure acting on the strand. The specimens were cured in an 

environmental chamber until testing. The dimensions of the mortar cube were 2 in. x 2 in. x 2 in. 

Per ASTM A1081, three mortar cubes shall be tested each hour at 22-26 hours after casting until 

an average compressive strength of 4500-5000 psi is reached for the three cubes. Once reached, 

bond strength tests can be performed. Mortar mix design was validated before the experiment, and 

it was expected to have a compressive strength of 4500-5000 psi at 24 hours. Mortar strength has 

an influence on the bond strength of the strand. 

3.5.2 Test setup 

The test setup and apparatus used for the bond strength test are shown in Figure 3-9. The live 

end of the strand was connected to the gripping device where the force was applied. A linear 

variable displacement transducer (LVDT) was mounted at the dead end to measure displacement. 

The rate of pull-out force at the gripping device was 0.1 in./min. The loading rate did not exceed 

8500 lb/min. Tensile and bond strength tests were performed by professional technicians at the 

FDOT SMO in Gainesville, Florida. 

3.5.3 Results 

Three mortar cubes were tested each hour starting at 22 hours after casting. Figure 3-10 shows 

the average hourly compressive strength results of mortar cubes, which did not meet minimum 

required compressive strength of 4500 psi by ASTM A1081. The average compressive strength 

after 26 hours of casting was 4452 psi which was 98.93% of the minimum required strength. A 

mean mortar strength less than 4500 psi is acceptable by ASTM A1081 if the bond test result 

exceeds a minimum threshold value (2015). Thus, the strand bond test was continued despite the 

minor understrength of the mortar. 
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Figure 3-8 Six HSSS specimens prepared for bond strength test 

 

 
Figure 3-9 Test setup for the bond strength test 

 
The bond strength tests were started 26 hours after casting. Six HSSS strands were tested for 

bond strength. Each test was terminated after the strand slip exceeded 0.1 in. at the dead end, 

according to ASTM A1081, and the strand bond strength was taken as the average pull-out force 

of six strand specimens. Force-slip displacements were measured during the test. The pull-out 

force at the chuck was measured in accordance with the movement of the dead end of the strand. 



28 

Figure 3-11 illustrates the force-displacement results for the six strands. The minimum and average 

bond strengths at 0.1 in. displacement were 15,800 lbf and 17,883 lbf, respectively. The peak 

tensile force was reached when the slip displacement at the dead end was around 0.0223 in. as 

shown in Figure 3-11. The minimum and average peak forces were 16,300 lbf and 18,633 lbf, 

which were about 3% and 4% greater than the minimum and average strand bond strength at 0.1 

in. displacement at the dead end, respectively. 

 

 
Figure 3-10 Compressive strength of concrete mortar cubes 

 
Figure 3-11 Pull-out test results of 0.6-in.-diameter HSSS strands 
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ASTM A1081 does not specify a minimum threshold value for the bond strength of strand. In 

2020, PCI Strand Bond Task Group recommended two acceptance bond strength criteria for 

ASTM A1081 (2020). The first criterion is that the minimum recommended average pullout value 

from six strands is 14,000 lb, with no strand having a pullout value less than 12,000 lb. The second 

criterion is that the ultimate (high bond) recommended average pullout value from six strands is 

18,000 lb, with no strand having a pullout value less than 16,000 lb. Note that those acceptance 

bond strength values are for 0.5-in.-diameter Grade 270 carbon steel prestressing strand 

conforming to ASTM A416. For strands with either larger diameter or different grades, the PCI 

task group proposed an equation, which is given in Equation 3-3. 

Bond	strength	 = 	Pullout − valueO.U	05.	x	2	x	𝑑)	x	
%56
VWO

      Equation 3-3 

where db is diameter of strand in in. and fpu is specified tensile strength of strand in ksi. Even 

though the recommended bond strength values were proposed for carbon steel strands conforming 

to ASTM A416, they were used here for HSSS strand conforming to ASTM A1114. In this study, 

the diameter and specified tensile strength for HSSS strand are 0.6 in. and 240 ksi, respectively. 

Using Equation 3-3, the minimum recommended average pullout value for 0.6-in.-diameter HSSS 

strand Grade 240 is 14,933 lb, with no strand having a pullout value less than 12,800 lb; and the 

ultimate (high bond) recommended average pullout value for 0.6-in.-diameter HSSS strand Grade 

240 is 19,200 lb, with no strand having a pullout value less than 17,067 lb. 

The minimum and average experimental ASTM 1081 pullout values were 15,800 lb and 17,883 

lb, respectively, which were 23.4% and 19.8% greater than the recommended values calculated 

using the PCI Strand Bond Task Group recommendations. Another comparison can be made with 

the ultimate (high bond) pullout values measured experimentally. The minimum and average peak 

forces (high bond ASTM A1081 value) were 16,300 lb and 18,633 lb, which were 95.5% and 

97.0%, respectively, from the recommended values calculated using the PCI Strand Bond Task 

Group recommendations. Note that the PCI task group specified that either the minimum ASTM 

A1081 value or the high bond ASTM A1081 shall be satisfied. Therefore, it can be concluded that 

the 0.6-in. HSSS strand used in this study has an acceptable bond strength. 

3.6 Summary 

This chapter presents experimental results on the mechanical and bond strength properties of 

0.6-in.-diameter HSSS Grade 2205 strands. The following conclusions were made: 
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1. Twenty 0.6-in.-diameter HSSS strands were tensile tested from two spools. The stress-

strain behavior of specimens from the two spools was different. The difference is attributed 

to multiple reasons such as the wire rod used to make prestressing strands is not perfectly 

identical from heat-to-heat, chemistry variances of the raw materials used to manufacture 

strands, and processing variances. 

2. Specimens from both spools tested satisfied the minimum requirements specified by 

ASTM A1114 except area. The areas of the tested specimens were slightly lower than the 

required value by ASTM A1114 because the diameter of the tested specimens was 0.6 in. 

while ASTM A1114 provides minimum required mechanical properties only for 0.62-in.-

diameter. Note that the tested strands were produced before the release of ASTM A1114. 

3. The stress-strain equation is essential for the strength design and numerical analysis of 

prestressed concrete members. A stress-strain equation is proposed for the 0.6-in.-diameter 

HSSS strands. The proposed equation satisfies the ASTM A1114 requirements, fits lower-

bound curves of the tested strands in the elastic region, and has a stress-strain shape similar 

to those of the tested strands in the plastic region.   

4. The stress-strain behavior of HSSS strands is fundamentally different from that of carbon 

steel strands. The HSSS strands have early nonlinearity with a rounded stress-strain curve 

in the plastic region. The HSSS strands exhibit almost no strain hardening compared to 

carbon steel strands. The currently available HSSS strands have lower ultimate strain and 

stress and elastic modulus than those of carbon steel strands. The most significant 

difference is in the elongation. The minimum required elongation of the stainless steel 

strands is 40% of that of the carbon steel strands.  

5. Five 0.6-in.-diameter HSSS strands were tested using chuck devices as the primary 

gripping devices. Experimental results showed that the mechanical properties of the HSSS 

strands are not significantly affected in the elastic region when chucks were used in the 

tensile tests. Thus, regular wedges can be used in the casting yard to tension HSSS strands. 

6. Bond strength of the 0.6-in.-diameter HSSS strands was evaluated following ASTM 

A1081. The minimum and average strand bond strengths at 0.1 in. displacement of six 

strands were 15,800 lbf and 17,883 lbf, respectively. The peak tensile force was reached 

when slip displacement at the dead end was around 0.0223 in. The minimum and average 
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peak forces of six strands were 16,300 lbf and 18,633 lbf, respectively, which were about 

3% and 4% greater than the minimum and average bond strengths, respectively. 

7. The minimum and average experimental ASTM 1081 pullout values at 0.1 in. were 15,800 

lb and 17,883 lb, respectively, which were 23.4% and 19.8% greater than the recommended 

values calculated using the PCI Strand Bond Task Group recommendations. 
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CHAPTER 4 GIRDER DESIGN AND FABRICATION 
 

4.1 Introduction 

This chapter discusses design and fabrication of the girder test specimens. An AASHTO Type 

II girder was selected for this research program for two reasons. First, this girder type allowed for 

a full-scale test with a practical design. Second, it is a standardized girder than can be used in low-

level short- to medium-span bridges. 

This research involved fabricating and testing 13 42-ft-long AASHTO Type II girders, with 

ten (10) girders prestressed with 0.6-in.-diameter HSSS strands and three (3) girders prestressed 

with 0.6-in-diameter carbon steel strands. The girders were fabricated by a precaster, Dura-Stress, 

Inc., in Leesburg, FL. 

The specimens in this chapter are divided into two sets. Each set was designed and cast 

individually. The first set consisted of eight girders. Seven of the eight girders were tested in 

flexure – three as monolithic and four as composite; and the eighth girder was tested in shear. The 

top fiber surface between the deck slab and girder was left smooth during fabrication. The shear 

stirrups in the monolithic girders were not embedded in the section and this resulted in reduction 

in the post-cracking behavior of all three non-composite girders. Two of the four composite girders 

had glass fiber reinforced polymer (GFRP) rebars as shear reinforcement. Because of the GFRP 

shear rebars and smooth surface at interface, the stiffnesses of both girders were reduced. More 

information about the design of the first set of girders is given in the following section. 

After analyzing the experimental flexural data obtained from testing the first set of girders, no 

conclusion was drawn regarding use of HSSS strands in flexural members because the flexural 

behavior of most girders was influenced by other parameters. Therefore, it was decided to build a 

second set of five girders, taking into consideration all issues encountered during testing of the 

first set of girders. 

4.2 First set of girders 

4.2.1 Design objective 

The objective was to design concrete girders prestressed with HSSS strands, some with the 

same number of strands and some with the same initial prestressing force as girders with 

conventional carbon steel strands, which served as the control. 
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4.2.2 Design method 

The design of prestressed concrete members depends on concrete strength, type of prestressing 

strands, and effective prestressing. The HSSS strands are relatively new to the construction 

industry, compared to carbon steel strands. Therefore, no guidelines or codes are yet available to 

assist engineers in the design of concrete members prestressed with HSSS strands. Thus, the strain 

compatibility method was the best available option. The method can be used to design any 

reinforced/prestressed concrete member using any material or combination of materials, and it 

relies more on theory as opposed to using code equations. 

4.2.3 Design matrix 

A total of eight 42-ft-long AASHTO Type II girders were designed. Because HSSS strands 

have low ductility, it is feasible to fail a concrete member prestressed with HSSS strands by 

rupturing the strands. In this research program, this failure mode was achieved by adding a deck 

slab to the girder. The deck slab had an 8-in. thickness and a 24-in. width, and the haunch thickness 

was 2 in. Among the eight girders, deck slabs were added to six of them (two control and four with 

HSSS strands) as shown in Table 4-1. Adding a deck slab increased the compression zone, which 

resulted in an increase in the resultant compressive force, so the HSSS strands could reach their 

ultimate elongation before the concrete strain at the top fiber reached its ultimate strain of 0.003. 

In this case, rupture of HSSS strands would occur before the concrete crushed in the compression 

zone. For this design case, the ultimate moment capacity of the member was controlled by the 

HSSS mechanical properties. The specified concrete compressive strength for the girder and deck 

slab was 10 ksi and 6.5 ksi, respectively. The deck slab concrete strength was substantially greater 

than the minimum value specified by the FDOT, which is 4.5 ksi. The main reason for increasing 

the concrete strength of the deck slab was to avoid crushing of concrete in the compression zone 

of the composite girders prestressed with HSSS strands. 

All girders were designed to resist shear and fail in flexure. Shear reinforcement (4K bars), 

confinement reinforcement (3D bars), and splitting reinforcement (5Z bars), all shown in Figure 

4-1, were designed based on the AASHTO LRFD Bridge Design Specifications. Shear 

reinforcement was designed based on the mechanical properties of carbon steel rebar. The same 

reinforcement details and spacing were used in all the girders, regardless of material type – carbon 

steel, stainless steel, or GFRP. Figure 4-1 presents the transverse reinforcement layout; note that 

they are not identical in the two end regions.  
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Table 4-1 Design matrix of first set of girders 

Number 
of 

strands 

 Girder only Composite with slab 

                                                

                   
Carbon 

steel 
Stainless 

steel GFRP Carbon 
steel 

Stainless 
steel GFRP 

11 
Carbon steel strands Girder 

A1    Girder 
A3 

Girder 
A2 

HSSS strands  Girder 
B3    Girder B2 

13 HSSS strands Girder 
C1    Girder 

C3 Girder C2 

 

 
Figure 4-1 Reinforcement layout for first set of girders 

The configuration in the narrow spacing end represents FDOT’s standard end region 

reinforcement detailing. The spacing of confinement and vertical reinforcement were increased at 

the other end – the wide spacing end – to investigate the spacing effect on bursting stresses at 

release, transfer length, and shear behavior of the member. The first shear reinforcement (4K bars) 

was placed at 2 in. on center from the end face of the girder. Both the 4K and 5Z bars have 90-

                     Section  

Longitudinal  
Transverse  

Reinforcement  
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degree hooks at the bottom and top. Bars 4K and 5Z were bundled when spaced together, and the 

direction of the 90-degree hook bars was alternated. 5Z bars were within the girder, and the 4K 

bars extended out of the top of the girder to provide interface shear resistance between the girder 

and deck slab. The use of 5Z and 4Y bars was limited to regions in which bursting and spalling 

stresses were of concern. In the wide spacing end, the spacing of confinement reinforcement (3D 

bars) was 6 in. (double that the other end) for the first 12 in. as shown in Figure 4-1. The 

confinement reinforcement was placed along the first 56 in. from each end of the girder to resist 

bursting stresses when the strands were released. The confinement reinforcement was extended to 

more than the expected transfer length by AASHTO LRFD equation to minimize cracking in the 

ends of the girder. 

The design matrix is given in Table 4-1, which consists of three groups. The first group was 

three control girders, Girder A1, Girder A2 and Girder A3. All girders had 11 carbon steel 

prestressing strands. Each strand was pretensioned to 43.9 kips, which is equal to 75% of its 

ultimate strength. The total initial prestressing force was 482.9 kips. Each girder had a different 

transverse reinforcement type, Table 4-1. The transverse reinforcement was carbon steel, GFRP, 

and stainless steel for Girder A1, Girder A2, and Girder A3, respectively. The typical shear 

reinforcement spacing was 6 in., providing a reinforcement ratio of 0.555% for Girder A1 and 

Girder A3 and 0.603% for Girder A2. These reinforcement ratios for the shear stirrups were used 

along the whole length of the girder except 36 in. at the narrow spacing end, where the shear 

stirrups were doubled as shown in Figure 4-1, and except in the mid region of the girder, where 

the shear reinforcement was spaced at 10 in. from either side of mid span, and then at 12 in. along 

a length of 4 ft towards each support. 

The second group consisted of two girders prestressed with HSSS strands, Girder B2 and 

Girder B3, which were designed to have the same total number of strands (11) as the control 

girders. Each HSSS strand was pretensioned to 37.2 kips, 62.2% of their ultimate strength, 

resulting in an initial prestressing force of 409.2 kips. For transverse reinforcement, Girder B2 had 

GFRP rebar while Girder B3 had stainless steel rebar. The typical shear reinforcement spacing was 

6 in., providing a reinforcement ratio of 0.603% and 0.555% for Girder B2 and Girder B3, 

respectively. These reinforcement ratios for the shear stirrups were used along the whole length of 

the girder except 36 in. at the narrow spacing end, where the shear stirrups were doubled as shown 
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in Figure 4-1, and except in the mid region of the girder, where the shear reinforcement was spaced 

at 10 in. from either side of mid span, and then at 12 in. along a length of 4 ft towards each support. 

The third group, Girder C1, Girder C2 and Girder C3, was designed with HSSS strands having 

the same initial prestressing force (482.9 kips) as the control girders. Each HSSS strand was 

pretensioned to 37.2 kips, and to match the total prestressing force with the control girder, the total 

number of strands was 13. The total initial prestressing force was 483.6 kips. For transverse 

reinforcement, Girder C1, Girder C2 and Girder C3 had carbon steel, GFRP, and stainless steel, 

respectively. The typical shear reinforcement spacing was 6 in., providing a reinforcement ratio of 

0.555% for Girder C1 and Girder C3 and 0.603% for Girder C2. These reinforcement ratios for 

shear stirrups were used along the whole length of the girder except 36 in. at the narrow spacing 

end, where the shear stirrups were doubled as shown in Figure 4-1, and except in the mid region 

of the girder, where the shear reinforcement was spaced at 10 in. from either side of mid span, and 

then at 12 in. along a length of 4 ft towards each support. 

4.2.4 Materials 

4.2.4.1 Prestressing strands 

Two types of 0.6-in.-diameter prestressing strands were used: carbon steel and HSSS strands. 

The manufacturers for both carbon steel and HSSS strands provided mill test certificates, which 

included mechanical properties and stress-strain curves. Mill test certificates can be found in 

Appendix A. Table 4-2 provides ASTM 416 requirements as well as results from the manufacturer 

for carbon steel strands. The stress-strain equation for carbon steel strands is given in Table 3-7. 

The mechanical properties result for HSSS strands obtained from experiments, provided by the 

manufacturer and required by ASTM A1114 can be found in Table 3-5. Note that all HSSS strands 

used in the fabrication of the first set of girders were taken from spool no. 1. More information 

regarding the developed stress-strain equation for HSSS strands can be found in Section 3.4. 

Table 4-2 Mechanical properties for carbon steel strands 

Mechanical 
properties Area (in2) 

Strength at 
1% 

extension 
(kip) 

Breaking 
strength 

(kip) 

Ultimate 
stress (ksi) 

Ultimate 
strain 

(in./in.) 

Elastic 
modulus 

(ksi) 

ASTM A416 0.2170 52.74 58.60 270.00 0.0350 - 
Manufacturer 0.2184 55.50 60.90 278.85 0.0633 28,700 
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4.2.4.2 Reinforcing rebars 

Three types of shear reinforcement were used: carbon steel, GFRP and stainless steel rebars. 

GFRP rebars is a possible stirrups option and stainless steel rebars is a viable stirrup option to 

make the entire prestressed member corrosion resistant.  

All stainless steel rebars used in this study were manufactured by North American Stainless. 

Duplex stainless steel rebars Grade 75 were chosen for this study because of their high strength 

and corrosion resistance compared to other stainless steel types. Three different sizes, No. 3, No. 

4 and No. 5 were used as confinement and shear reinforcement. The mechanical properties, 

provided by the manufacturer, of all sizes are given in Table 4-3. The stress-strain relationship of 

the stainless steel rebars is different than that of carbon steel rebars (Medina et al. 2015). The 

stainless steel rebars show no clear yield strength and therefore the 0.2% yield method is 

recommended to be used to define the yield strength (Dundu 2018). All stainless steel rebar sizes 

used in this study had stress at 0.2% yield higher than the classified stress, 75 ksi. The No. 4 bars 

were used as transverse reinforcement (stirrups). The No. 4 bars have a yield and ultimate strength 

of 83.39 ksi and 119.84 ksi, respectively. The modulus of elasticity of the bars is reported to be 

slightly less than that of carbon steel bars (Gedge 2008). The heat treatment condition for all 

stainless steel bars used in this study was hot rolled, pickled and passivated. The hot-rolled 

condition improves the ductility performance of the rebars (Gedge 2008). 

Table 4-3 Mechanical characteristics of stainless steel bars 

Size Diameter 
(in.) 

Area 
(in2) 

Yield stress 
(0.2%) (ksi) 

Ultimate 
tensile strength 

(ksi) 

Ultimate strain 
(in./in.) 

No. 3 0.375 0.11 92.25 125.04 0.2028 
No. 4 0.500 0.20 83.39 119.84 0.2646 
No. 5 0.625 0.31 87.86 120.55 0.2479 

 

Chemical analyses of the stainless steel rebars, provided by the manufacturer, were performed 

according to ASTM A751 (2014). Table 4-4 shows the chemical composition of the stainless steel 

rebars used in this study. The chemical composition of stainless steel rebars conforms to 

requirements of ASTM A955 (2017). Stainless steel rebars used in this study satisfied FDOT 

Specification 931 requirements. 
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Table 4-4 Chemical composition of stainless steel bars 
Bar 
size C CO CR CU MN MO N NI P S SI 

No. 3 0.013 0.09 22.57 0.32 1.64 0.180 0.161 4.03 0.030 0.0006 0.46 

No. 4 0.018 0.09 22.55 0.32 1.78 0.206 0.150 4.41 0.034 0.0007 0.58 

No. 5 0.018 0.11 22.50 0.26 1.70 0.172 0.143 4.19 0.031 0.0013 0.55 

GFRP bars have a linear stress-strain relationship up to failure, i.e., no yield point or strain 

hardening exist. Table 4-5 shows average mechanical properties, provided by the manufacturer, of 

six samples of No. 4 and No. 5 GFRP bars. Tensile tests were done according to ASTM D7205 

(2011). The average ultimate tensile strength of No. 4 and No. 5 bars was 131.4 ksi and 132.3 ksi 

with a standard deviation of 4.3 ksi and 3.2 ksi, respectively. The average ultimate strain of No. 4 

and No. 5 bars was 0.0187 and 0.0172 with a standard deviation of 0.0006 and 0.0005, 

respectively. GFRP rebars are light (approximately 20 to 25% the density of steel) and have high 

tensile strength (around double steel’s yield strength). Yet, the ultimate strain of GFRP bars is very 

low compared to that of carbon steel rebars. In general, FRP rebars are stronger along the 

longitudinal direction than transverse because they are made from an anisotropic material. The 

transverse shear strength of No. 4 and No. 5 rebars was 6.45 ksi and 7.53 ksi, respectively. The 

transverse shear test was done according to ASTM D7617 (2011). The fiber content of No. 4 and 

No. 5 bars was 75.34% and 77.79% by weight, respectively. For both sizes, silica sand is applied 

to the surface during manufacturing to enhance bond performance between the bars and 

surrounding concrete, and the spacing of the wrap was between 0.75 and 1 in. The manufacturer 

did not provide mechanical properties for the No. 3 GFRP rebars. 

Table 4-5 Mechanical properties of GFRP bars 

Size Diameter 
(in.) 

Area 
(inV) 

Tensile strength 
(ksi) 

Ultimate 
strain 

(in./in.) 

Modulus of 
elasticity  

(ksi) 
No. 4 0.5257 0.2170 131.4 0.0187 7042.6 
No. 5 0.6250 0.3068 132.3 0.0172 7686.4 

4.2.4.3 Concrete 

Two different concrete strengths were used for the girder and deck slab. A self-

consolidating concrete (SCC) was used for the girder with a specified compressive strength of 10 

ksi, while the deck slab was cast with normal-weight concrete with a specified compressive 

strength of 6.5 ksi. Multiple concrete cylinders were taken from each concrete batch. On average, 



39 

three concrete cylinders were tested in compression for each member (girder and slab) on the day 

of the designated flexural test. Table 4-6 shows the average measured strength for each specimen. 

 

Table 4-6 Concrete compressive strength on testing day of the flexural test of first set of girders 

Specimen type Specimen ID 
Girder Deck slab 

Compressive 
strength (psi) Age (days) Compressive 

strength (psi) Age (days) 

Non-composite 
Girder A1 10,688 67 - - 
Girder B3 11,917 94 - - 
Girder C1 11,128 73 - - 

Composite 

Girder A3 10,945 247 8,302 54 
Girder B2 10,367 143 7,801 29 
Girder C2 11,493 175 8,662 42 
Girder C3 11,234 364 6,836 50 

4.2.5 Fabrication 

All eight 42-ft-long AASHTO Type II girders were constructed by a precaster, Dura-Stress, 

Inc., in Leesburg, FL. A fabrication check list, provided by Dura-Stress, is included in Appendix 

B. The specimens were built in two beds as shown in Figure 4-2. For clarity, only longitudinal 

prestressing is included in Figure 4-2. 

4.2.5.1 At casting yard 

Fabrication activities for both casting beds are presented in Table 4-7. First, strands were run 

in the casting beds, Figure 4-3, and then they were tensioned. The specified tension force was 43.9 

kips and 37.2 kips, which were 75% and 62.2% of ultimate strength, for carbon steel and HSSS 

strands, respectively. A hydraulic jack was used to tension strands, and regular chucks were used 

to grip them. During strand tensioning, the prestressing force was monitored with an electronic 

cell as shown in Figure 4-4. Once the target prestressing force was reached, the strand was seated 

in the wedge as shown in Figure 4-5. Afterward, an elongation measurement was taken at the live 

end to verify the applied prestressing force.  
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Figure 4-2 Casting bed layout for first set of girders. 

(a) Position of carbon steel girders in the casting bed; (b) Position of HSSS girders in the casting 
bed; (c) midspan cross section for specimens with 11 carbon steel strands; (d) midspan cross 

section for specimens with 13 HSSS strands; and (e) midspan cross section for specimens with 
11 HSSS strands. 

 
The three carbon steel girders were cast separately in a casting bed as shown in Figure 4-2a. 

Midspan section for specimens with 11 fully bonded carbon steel strands is shown in Figure 4-2c. 

The other five girders prestressed with HSSS strands were cast in another casting bed as shown in 

Figure 4-2b. Two HSSS strands in Girder B2 and Girder B3 were debonded for the whole length 

of the girders as shown in Figure 4-6. Girder B2 and Girder B3 were placed between the girders 

with fully bonded strands, as shown in Figure 4-2b, to prevent slippage of debonded strands during 

detensioning. Figure 4-2d and Figure 4-2e present midspan section for specimens with 13 fully 

bonded strands and for specimens with two debonded strands, respectively. 
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Table 4-7 Fabrication activities schedules for first set of girders 
Carbon steel strands casting bed HSSS strands casting bed 

Date Activity Date Activity 

9/10/2018 Run cables, tension cables and tie 
reinforcement. 9/17/2018 

Run cables, tension cables, 
tie reinforcement and set 
side forms. 

9/11/2018 Finish instrumenting internal 
gages and set side forms. 9/18/2018 Cast concrete. 

9/12/2018 Cast concrete. 9/19/2018 
Remove forms and 
instrument external DEMEC 
points and strain gages. 

9/13/2018 
Remove forms and instrument 
external DEMEC points and 
strain gages. 

9/20/2018 Release strands and collect 
data. 

9/14/2018 Release strands and collect data.   
 

 
Figure 4-3 Running cables in the bed 

 
Figure 4-4 Monitoring applied force on 

electronic cell 

 
Figure 4-5 Seated stainless strands in the 

chucks 

 
Figure 4-6 Shielding two strands in Girder B2    
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After tensioning the strands, the stirrups and confinement reinforcement were tied, as shown 

in Figure 4-7 and Figure 4-8. The lifting loops were placed at 38 in. from the face of the girder and 

consisted of four strands as shown in Figure 4-9. Although lifting loops may provide additional 

interface shear resistance at the end regions during shear tests, they are not considered in design. 

 
Figure 4-7 Stainless steel confinement 

reinforcement 

 
Figure 4-8 Tying stainless steel stirrups 

 

 
Figure 4-9 Lifting loop 

After tying all the reinforcements, side forms were set. Before casting concrete, several 

tests were performed on the concrete mixes such as: slump, air content, water-to-cement ratio and 

penetration. Concrete slump and air content tests are shown in Figure 4-10 and Figure 4-11, 

respectively.  
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Table 4-8 provides concrete mix design limits for normal-weight concretes. All concrete 

batches satisfied the specified mix design requirements as shown in Table 4-8. After confirming 

that the concrete batch satisfied the specified mix design requirements, the concrete was placed in 

the bed. Figure 4-12 shows concrete casting for the girders with HSSS strands. Several concrete 

cylinders were taken from each batch, Figure 4-13. Those cylinders were used to measure concrete 

strength at 28 days and on the days of flexural and shear tests. The forms were removed the next 

day, as shown in Figure 4-14. Ideally, strands should be released within 24 hours after casting to 

match industry practice. However, one day was allocated for instrumentation. Therefore, the 

strands were released two days after casting concrete. Figure 4-15 shows HSSS strands being cut. 

 

 
Figure 4-10 Concrete slump test 

 
Figure 4-11 Concrete air content test 

 
Table 4-8 Concrete test results 

Bed 
designation 

Truck number Slump (in.) Air % W/C Penetration (mm) 

Design limit 24.5 - 29.5 0 - 6 =< 0.29 25 

Carbon steel 

strands 

casting bed 

Truck 1 24.5/24.5 4.7 0.27 1 

Truck 2 26.5/26 3.1 0.28 2 

Truck 3 29/28 2.2 0.28 5 

HSSS strands 

casting bed 

Truck 1 28/28 5.0 0.28 2 

Truck 2 29/29 4.0 0.28 1 

Truck 3 27/27 2.0 0.28 3 
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Figure 4-12 Casting concrete 

 
Figure 4-13 Concrete cylinders 

 
Figure 4-14 Removing side forms 

 
Figure 4-15 Releasing stainless steel strands 

using flame 

The orientation of the girders in the beds is illustrated in Figure 4-16. The strands were cut in 

the following sequence: first, at the external ends of the external girders, simultaneously; second, 

at the internal ends of the external girders; and third, between internal ends of the internal girders. 

The strands were cut starting from the bottom layer and moving upward as shown in Figure 4-16. 

The strand release sequence and procedure in this study represents common industry practice for 

AASHTO Type II girders. During cutting of the penultimate HSSS strand at one of the external 

ends (strand number 12 in Figure 4-16), the last HSSS strand fractured (strand number 13 in Figure 

4-16).  Figure 4-17 shows the fractured strands. The strand broke at the chuck device. Figure 4-18 

shows the notching effect of the grips on the fractured strand. Two factors may have contributed 

to this incident. First, as each strand is cut, elastic shortening of the beam causes additional tension 

in the remaining uncut strands, between the end of the girder and the abutment. The last strand to 

be cut experiences the most accumulation of these tensile stresses. Because an HSSS strand has 



45 

low ductility, it reached its ultimate strain and broke. A second factor that may have contributed 

to the breakage is the deviation of the strand. The end abutments in the casting bed used for the 

girders prestressed with HSSS strands had only three layers, while the girders were designed with 

four layers of strands. Therefore, one strand, number 13 in Figure 4-16, had to be deviated from 

the girder ends to the abutments. Changing the orientation of the strand creates force concentration 

from the grips on one side of the strand. 

 

 

 
Figure 4-16 Strand detensioning sequence (not to scale) 

 
Figure 4-17 Bed end after breakage of the HSSS strand 
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Figure 4-18 Notching effect of grips on fractured HSSS strands 

Due to impact force from the strand failure, the external girder, Girder C1, moved 

approximately 2 in., and internal spacings between the girders were reduced. Based on this 

incident, it is recommended that HSSS strands not be deviated until further studies can be done to 

establish tolerance to kinks or deviations. Special attention shall be taken while cutting HSSS 

strands. Other than the isolated incident failure, it was demonstrated that concrete girders 

prestressed with HSSS strands can be constructed using the same apparatuses and procedures that 

are used for concrete girders prestressed with carbon steel strands. 

4.2.5.2 At FDOT lab 

All girders were transported to the FDOT SRC in Tallahassee, FL. At the FDOT lab, a deck 

slab was cast onto the six girders after testing Girders A1, B3, and C1 and determining that a deck 

slab was needed. Note that Girder B3 was initially tested in flexure as a non-composite section and 

it was unloaded before failure to be saved for future shear tests. The deck slab had an 8-in. 

thickness and a 24-in. width, and the haunch thickness was 2 in. Note that the concrete surface was 

smooth at the interface region between the girder and deck slab. Fabrication of deck slab started 

by setting the forms. Then, reinforcement was placed as shown in Figure 4-19. Normal-weight 

concrete with a specified compressive strength of 6.5 ksi was used for the deck-slab. The concrete 

was received from a local plant. Before placing concrete in the forms, a slump test was performed. 
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After confirming that the concrete batch satisfied the specified mix design requirements, the 

concrete was placed in the bed. Figure 4-20 shows the specimen after casting the deck slab. Note 

that the deck slab was covered with plastic sheets after casting. Table 4-9 provides the casting 

dates for both girder and deck-slab. 

 
Figure 4-19 Girder before casting deck slab 

 
Figure 4-20 Girder after casting deck slab 

 

Table 4-9 Casting date of composite girders of first set of girders 
Girder designation Girder Deck-slab 

A1 9/12/2018 - 

A2 9/12/2018 4/26/2019 

A3 9/12/2018 3/22/2019 

B2 9/18/2018 1/10/2019 

B3 9/18/2018 6/17/2019 

C1 9/18/2018 - 

C2 9/18/2018 1/29/2019 

C3 9/18/2018 7/29/2019 

4.3 Second set of girders 

4.3.1 Design of girders 

A bridge prototype including pretensioned precast AASHTO Type II girders and cast-in-place 

deck slab was used to design the five girders in this study, Figure 4-21. The bridge consisted of 

simply-supported girders spaced at 6 ft on center that spanned 40 ft. The specified concrete 

compressive strength was 8.5 ksi and 4.5 ksi for the girder and deck slab, respectively. The 

guaranteed mechanical properties of the HSSS strands, specified by ASTM A1114, were used in 
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the design. The girders were designed according to AASHTO LRFD Bridge Design Specifications 

(2017). The design steps of an interior girder were as follows. First, maximum dead and live loads 

moments were calculated, Table 4-10. The dead load moments included effects from the weight 

of the girder, deck slab, forms, barrier, and future wearing surface. The live load moments were 

due to HL-93 loading (truck load and lane load). Based on AASHTO LRFD, the distribution factor 

for the moment was equal to 0.616 (2017). The impact factor was equal to 1.33. Second, the 

flexural demand on the interior girder was calculated based on the Strength I load combinations; 

the required number of HSSS strands was calculated accordingly. Third, the minimum 

reinforcement requirements were checked, and the number of HSSS strands was increased as 

needed. Last, the tensile and compressive stress requirements for Service I and Service III limit 

states were checked to be within the specified limits. The service moment for deflection control 

was 701.3 kip-ft with 262.4 and 438.9 due to dead and live loads, respectively. The ultimate 

moment for strength design was 1100.6 kip-ft. The design of an interior girder was governed by 

the minimum reinforcement requirements, which was 1470.3 kip-ft. The total required number of 

0.6-in.-diameter HSSS strands was 11. The girder was designed to fail by rupturing of strands at 

ultimate load. Because the failure mode was rupture of strands, which is considered a brittle failure, 

a resistance factor of 0.75 was used. 

 
Figure 4-21 Bridge prototype 

Table 4-10 Interior girder moments at midspan 
Dead load (kip-ft) Live load (kip-ft) 

Non-composite Composite Composite 
Beam Slab Forms Barrier Wearing Truck load Lane load 
76.9 127.5 20.0 20.0 18.0 360.1 78.8 
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In this study, the cross section of the designed bridge interior girder (Figure 4-22) was modified 

so that it could be tested in the lab. The deck slab width was reduced from 6 ft to 2 ft. Decreasing 

the deck slab width reduced the ultimate capacity of the section, but the failure mode was still 

rupture of the strands. Figure 4-23 shows a cross section of modified interior girder. For all 

specimens in this study, all stress limits according to the AASHTO LRFD specifications were 

checked. The stresses were calculated along the length of the girder and at two stages: at the time 

of prestressing release, and at the time of deck slab placement. 

 
Figure 4-22 Cross section of an interior girder 

 
Figure 4-23 Cross section of modified interior girder (specimens in this study) 

All girders were designed to resist shear and fail in flexure. Carbon steel reinforcement was 

used for transverse reinforcement. Figure 4-24 presents the transverse reinforcement layout. Shear 

reinforcement (5K bars), confinement reinforcement (3D bars), and splitting reinforcement (5Z 

bars), all shown in Figure 4-24, were designed based on the AASHTO LRFD Bridge Design 

Specifications. Shear reinforcement was designed based on the mechanical properties of carbon 

steel rebar. The same reinforcement details and spacing were used in all the girders. The shear 

reinforcement (5K bars) and the splitting reinforcement (5Z bars) have 90-degree hooks at the 
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bottom and top. Both the 5K and 5Z bars were bundled when spaced together, and the direction of 

the 90-degree hook bars was alternated. 5Z bars were within the girder, and the 5K bars extended 

out of the top of the girder to provide interface shear resistance between the girder and deck slab. 

The use of 5Z bars was limited to regions in which bursting and spalling stresses were of concern. 

The first shear reinforcement (5K bars) was placed at 2 in. on center from the end face of the 

girder. 

 

 
Figure 4-24 Reinforcement layout for second set of girders 

4.3.2 Design matrix 

A total of five 42-ft-long AASHTO Type II girders were designed and were divided into three 

groups. The first group consisted of two identical girders, Girder E1 and Girder E2. Each girder 

had 11 0.6-in.-diameter HSSS strands. The second group also consisted of two identical girders, 

Girder E3 and Girder E4. Each girder had nine 0.6-in.-diameter HSSS strands. The third group 

consisted of one girder, Girder E5, which had seven 0.6-in.-diameter HSSS strands.  

4.3.3 Materials 

4.3.3.1 Prestressing strands 

HSSS strands from two spools (spool no.1 and spool no.2) were used to fabricate the 

specimens. See Section 3.4 for details regarding the stress-strain equations for the two HSSS 

spools. 
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4.3.3.2 Reinforcing rebars 

Carbon steel reinforcement was used for transverse reinforcement. Three different sizes, No. 

3, No. 4 and No. 5 were used as confinement and shear reinforcement. 

4.3.3.3 Concrete 

The specified concrete compressive strength was 8.5 ksi for the girder and 4.5 ksi for the deck 

slab. Self-consolidating concrete (SCC) was used for girders, while conventional concrete (CC) 

was used for deck slabs. Table 4-11 shows the concrete mixture design for both girder and deck 

slab. 

Table 4-11 Concrete mixture proportions for second set of girders 

Material Units 
Quantity 

SCC (girder) CC (deck slab) 
Type II cement lb ydX⁄  735 490 
Fly ash (Type F) lb ydX⁄  165 122 
Crushed stone #67 lb ydX⁄  1308 1765 
Sand lb ydX⁄  1264 1385 
Water lb ydX⁄  250 268 
Water-cement ratio - 0.340 0.547 

Air entraining admixture  
DAREX 

oz ydX⁄  
1 - 

MB AE90 - 0.61 
Set retardant admixture DELVO oz ydX⁄  54 18 

Water-reducing 
admixture 

ZYLA 610 
oz ydX⁄  

18 - 
ADVA 600 54 - 
Glenium 7920 - 27.54 

 
The average measured concrete compressive strengths, which are given in Table 4-12, were 

higher than the specified strengths. On average, three cylinders for each component (girder and 

slab) were tested in compression on the day of testing. However, no cylinders were tested for the 

deck slab on the day of testing Girders E3 and E4. A total of six cylinders from the deck slab were 

tested on the day of testing Girder E5. The deck slabs for Girders E3, E4, and E5 were cast using 

the same concrete mix from one mixing truck batch. 

4.3.4 Fabrication 

Five 42-ft-long AASHTO Type II girders were constructed in one bed as shown in Figure 4-25. 

Figure 4-26 shows the two HSSS spools used in this study as well as three other carbon steel spools 

at the casting yard. The surface of HSSS strands does not tend to rust as carbon steel strands do as 

shown in Figure 4-26. The fabrication of the girders began by placing the HSSS strands in the bed. 
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Two strands in Girders E3 and E4 and four strands in Girder E5 were shielded for the entire length 

of the girders. The designated strands were debonded using typical plastic sheathing. The girders 

with fully-bonded strands were placed at the ends of the bed, Figure 4-25. Then the strands were 

tensioned using a hydraulic jack. Regular chucks were used, and an electronic cell was used to 

monitor the prestressing force. Pretension was obtained by applying 36 kips to each strand, which 

was 65% and 62% of the ultimate strength for the bottom layer of strands (spool no. 1) and for the 

other two layers (spool no. 2), respectively.  

 
Table 4-12 Concrete compressive strength on testing day of flexural tests of second set of girders 

Specimen ID 
Compressive strength 

(psi) 
Girder Deck slab 

Girder E1 10,061 6,441 
Girder E2 10,845 6,760 
Girder E3 10,492 

7,442 Girder E4 11,054 
Girder E5 10,710 

 

 
Figure 4-25 Casting bed layout for second set of girders. a) Position of girders in the casting bed; 

(b) midspan cross section for specimens with 11 HSSS strands; (c) midspan cross section for 
specimens with nine HSSS strands; (d) midspan cross section for specimens with seven HSSS 

strands. 
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Figure 4-26 Stainless steel and carbon steel spools  

 

Then, transverse reinforcement was installed, and the forms were placed. Before placing 

concrete in the bed, several tests were performed on the concrete mixes such as: slump, air content, 

water-to-cement ratio, and penetration. After confirming that the concrete batch satisfied the 

specified mix design requirements, the concrete was cast. The forms were removed one day after 

casting. After the concrete reached the specified release strength, which was two days after casting, 

the HSSS strands were released using the flame cutting method. The strands were cut starting from 

the outer ends of the bed and moving toward the center of the bed. The HSSS strands were found 

twisted at the cut ends, as shown in Figure 4-27, after release. The deck slab for Girders E1 and 

E3 was cast on the day of the releasing prestressing strands. The deck slab for Girders E2, E4 and 

E5 was cast five days after release. 
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Figure 4-27 Twist of HSSS strands after cut 
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CHAPTER 5 TRANSFER LENGTH 
 

5.1 Introduction 

In pretensioned concrete members, transfer length is defined as the distance required for the 

strand to transfer all effective force to the surrounding concrete. It is assumed that the prestressing 

force is linearly distributed along the transfer length. Therefore, prediction of stress distribution at 

the end of the member depends on transfer length. The transfer length is important in evaluating 

anchorage zone stresses, shear capacity, and preventing bond slip failure. The transfer length relies 

mainly on bond strength between the strands and concrete. The bond strength of strands is affected 

by multiple factors such as strand surface condition and concrete type and/or strength. Because 

chemical composition of HSSS alloys is different than that of carbon steel alloys, the surface 

condition is also different. Strand surface condition varies with strand type and batches. This 

difference is attributed to the manufacturing process. Any lubricant residue films left from the 

manufacturing process can reduce both the chemical adhesion and friction of the strand (Polydorou 

et al. 2016), which can reduce bond strength, and thereby influence the transfer length of the strand. 

Based on the ACI 318-19 design code, transfer length (lRdR) can be calculated using Equation 

5-1, where fRseR is the effective prestress in the strand in (ksi), and dRbR is the strand diameter in (in.). 

𝑙. = Z %78
XOOO

[ 𝑑) Equation 5-1 

The AASHTO LRFD Bridge Design Specifications equation for transfer length is 60 times 

the strand diameter (60db) (2017). However, the transfer length depends on more factors than 

strand diameter alone. Previous researchers have investigated the effect of various parameters on 

transfer length, such as size of the strand (Dang et al. 2016; Russell and Burns 1996), type of strand 

(Grace 2000; Lu et al. 2000; Rambo-Roddenberry et al. 2016), strand spacing (Morcous et al. 

2014; Russell and Burns 1996; Shahawy et al. 1992), effective stress in strand (Oh et al. 2014), 

strand surface condition (Russell and Burns 1996; Zia and Mostafa 1977), strand release technique 

(Carroll et al. 2017; Kim et al. 2016; Mitchell et al. 1993; Russell and Burns 1996; Salazar et al. 

2018), concrete strength (Carroll et al. 2017; Dang et al. 2016; Kim et al. 2016; Mitchell et al. 

1993; Oh et al. 2014; Zia and Mostafa 1977), concrete cover and consolidation around strand (Oh 

et al. 2014), size of stirrups (Lee 2018), and spacing and length of stirrups (Kim et al. 2016). 

Transfer length can be evaluated from the longitudinal strain distribution in the end regions 

of pretensioned concrete members. As the strands are released, the prestress forces transfer from 
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the strands to the concrete, causing a compressive force in the end regions, resulting in compressive 

strains most notably in the bottom flange. The strain distribution is approximately linear up to a 

point where it converges to a nearly constant plateau, which indicates reaching full stress transfer 

from the strands to the concrete. Transfer length can be estimated as a distance from the beam end 

to the convergence point in the strain distribution. Different types of sensing technology can be 

used to measure the strain distribution. Types of sensing technology used in this research program 

were electrical strain gages (ERSG), detachable mechanical strain gages (DEMEC), and fiber optic 

sensors (FOS). 

(Paul et al. 2017b) conducted experimental work measuring transfer and development lengths 

of 0.5-in.-diameter HSSS strands in prestressed concrete piles. Recently, HSSS strands became 

available in a new larger size, 0.6-in.-diameter. One of the objectives of this research was to 

experimentally measure the transfer length of 0.6-in.-diameter HSSS strands and compare it with 

prediction equations available in the literature.  

This chapter reports transfer length results that were obtained experimentally. The first set is 

described in Section 5.2 and the second set in Section 5.3.  

5.2 First set of girders 

5.2.1 Preparation of specimens 

Running and tensioning the strands in the casting bed as well as layout of the girders in the 

casting beds are all described in Section 4.2.5. After tensioning the strands, confinement and 

stirrup reinforcement were tied. To study the effect of confinement reinforcement on transfer 

length, three different types of internal reinforcing bars were used. They were carbon steel, GFRP, 

and stainless steel. Each end of each girder had different confinement and vertical detailing, 

resulting in 16 unique ends as shown in Table 5-1. Figure 4-1 illustrates the confinement and 

vertical reinforcement detailing. See Section 4.2 for more information regarding first set of the 

girders. 

Several concrete cylinders were cast from the concrete batches used to cast the girders. Ideally, 

strands should be released once the concrete strength reaches 80%, or 8 ksi for this case, of the 

specified concrete strength (2020). After one day, girders with carbon steel strands achieved the 

required release concrete strength while girders with HSSS strands achieved 93% of the required 

release strength. One day was allocated for installing external instrumentations. The strands were 

released two days after casting concrete without breaking any cylinders. Dura-Stress’s materials 
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lab tested two cylinders in compression at one day and six days of age, and three at 28 days after 

casting. Results of the average compressive strength of the concrete cylinders are shown in Table 

5-2. The specified concrete compressive strength of concrete was achieved after six days of 

casting. The average 28-day concrete compressive strengths were 11.94 ksi and 11.45 ksi, 

approximately equal, for girders prestressed with HSSS and carbon steel strands, respectively. 

 
Table 5-1 Test matrix for transfer length 

Bed 

Designation 

Girder 

Designation 

No. of 

strands 
Strand type 

End region 

reinforcement 
End region spacing 

Carbon steel 

strands 

casting bed 

A1 11 carbon 
steel carbon steel 

End 11 Wide 
End 12 Narrow 

A2 11 carbon 
steel GFRP 

End 13 Wide 
End 14 Narrow 

A3 11 carbon 
steel stainless steel 

End 15 Wide 
End 16 Narrow 

HSSS 

strands 

casting bed 

C1 13 HSSS carbon steel 
End 20 Narrow 
End 10 Wide 

B2 11 HSSS GFRP 
End 80 Narrow 
End 70 Wide 

C2 13 HSSS GFRP 
End 40 Narrow 
End 30 Wide 

B3 11 HSSS stainless steel 
End 10 Narrow 
End 90 Wide 

C3 13 HSSS stainless steel 
End 60 Narrow 
End 50 Wide 

 
Table 5-2 Concrete compressive strength for first set of girders 

 Concrete compressive strength (ksi) 

Time (days) 
Girders with carbon steel 

strands 

Girders with HSSS 

strands 

1 06.32 08.97 

6 10.02 10.89 

28 11.94 11.45 
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5.2.2 Method of prestress release 

The strands release method has a significant effect on the transfer length. Strands can be 

released by methods such as gradual release or sudden release. For the gradual release method, all 

strands are released gradually at the end of bed, whereas strands are cut individually by flame in 

the sudden release method. The sudden release method is more often used by fabricators. Sudden 

release of a strand induces a dynamic impact, which causes a significant force in the anchorage 

zone region, resulting in a longer transfer length compared to that obtained using the gradual 

release method. It was reported that sudden release of strands results in approximately 20% longer 

transfer length than gradual release of strands (Kaar et al. 1963). The gradual release method does 

not induce a dynamic force on the member’s end. 

In this research, all strands were released by flame cutting. All prestressing force transferred 

to the surrounding concrete in all girders in the casting bed after cutting the strands at the external 

ends of the external girders. Therefore, the strands at the external ends were released using sudden 

release method while the strands at all other ends (internal ends of the girders) were released using 

gradual release method. The orientation of the girders in the beds is illustrated in Figure 5-1. More 

information about the strand release sequence can be found in Section 4.2.5.1. 

 
Figure 5-1 Casting bed layout and detensioning sequence for first set of girders. a) girders with 

carbon steel strands; and (b) girders with HSSS strands 
 



59 

5.2.3 Instrumentation 

Transfer length can be determined from strand and/or concrete strains. Strain gages installed 

on strands provide a more precise strain profile than strain gages attached to a concrete surface 

(Salazar et al. 2018). However, they require more effort and are susceptible to damage during 

concrete placement. Also, a single strand strain profile, not all strands, is usually used to estimate 

transfer length which does not represent the full behavior of all strands. (Lee 2018) reported that 

transfer lengths calculated from strain gages attached to strands were slightly longer than the 

transfer lengths calculated from strain gages attached to the surface of concrete. However, (Lee 

2018) found that both strand and concrete strain profiles were in a good agreement. 

Because external strain gages attached to concrete have been proven to give realistic and 

similar strain profiles as gages attached to strands (Park et al. 2012), it was preferred in this study 

to determine transfer length using concrete strains. Two types of gages were used: electrical 

resistance strain gage (ERSG) and detachable mechanical strain gages (DEMEC). All eight girders 

were equipped with ERSGs and DEMEC points except for Girders B2 and B3, which were not 

instrumented with ERSGs due to limited available installation time. 

The ERSG is a reliable and accurate tool to measure strain on surfaces. The ERSG comes in 

a short length, and this gives it the ability to accurately measure strain change, which provides a 

better picture for stress distribution in the vicinity of the anchorage zone. The drawbacks of ERSGs 

are expense and one-time use.  

A DEMEC gage (caliper gage) measures change in length between two targets called DEMEC 

points. The DEMEC gage is the most cost-effective, practical, and most widely-used instrument 

for measuring transfer length. However, strain readings from DEMEC gages are time consuming 

and may vary from one operator to another. The precision of the caliper gage used in this work 

was 10 microstrain. Transfer length is a function of time, and it increases over time. This increase 

is primarily due to the combined effect of shrinkage and creep of concrete and due to relaxation of 

the prestressing strand, which takes place in the first few days after stressing (Mitchell et al. 1993; 

Morcous et al. 2014). The most valuable advantage of the DEMEC gage is its multiple usages, 

which means it can be used to measure the transfer length over time. 

ERSGs and DEMEC points were installed on the concrete surface. ERSGs were installed on 

one side of the girder, while DEMEC points were installed on the other side of the girder. Both 

types of the gages were installed on the bottom flange at the level of the centroid of the strands. 
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Each girder was equipped with 18 2.4-in.-long (60-mm-long) ERSGs and 22 DEMEC points. 

Figure 5-2 shows the locations of ERSGs and DEMEC points for half of the girder. The ERSGs 

and DEMEC points were symmetric about the girder’s midspan. For ERSGs, the first gage was 

placed at 2 in. from the girder’s end, and the subsequent eight gages were spaced at 5 in. Strain 

gages were installed as follows: locations for strain gages were determined and marked; those 

spots were ground and cleaned with acetone; the strain gages were glued on the concrete surface. 

Strain readings were collected for around one hour after starting the strand detensioning process. 

The 11 DEMEC points (which, when placed in a row, can be used to measure ten strain readings) 

were placed along 40 in. at each end of each girder; they were spaced at 4 in. on center, starting at 

2 in. from the end of girder. DEMEC points were installed as follows: locations for DEMEC points 

were determined and marked; marked places were ground to make the concrete surface smooth; 

those spots were cleaned with acetone; and the DEMEC points were glued to the concrete. A 

special gage length stick, 4 in. long, was used to reliably space the DEMEC points. Once a DEMEC 

point was glued to the concrete, another person used the stick to place the next DEMEC point. 

Reference readings were taken prior to the release of strands. These reference readings are 

important as they represent the initial lengths between the DEMEC points. 

 
Figure 5-2 ERSGs and DEMEC points locations 

5.2.4 Analyzing measured concrete strain 

As stated in the previous section, concrete strains were measured using strain gages and 

DEMEC points. For each strain gage, strain readings were recorded for around an hour. Figure 5-3 
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shows readings for End 3 of Girder C2; gage S30 was closest to the end of the girder, and the 5-

in.-spaced gages were sequentially numbered towards midspan. The concrete strain was calculated 

as the average of multiple readings once the strain readings reached a constant plateau as shown 

in Figure 5-3. For each DEMEC strain reading, the average of three strain measurements was 

calculated. Strain profiles were constructed from the measured concrete strains (strain gages) and 

average strain readings (DEMEC points), Figure 5-4 and Figure 5-5. The profiles were smoothed 

by averaging the data over three gage lengths. The smoothing technique is represented by Equation 

3-1. 

(𝑆𝑡𝑟𝑎𝑖𝑛)0 =
(8#-+05)9:4S(8#-+05)9S(8#-+05)9;4

X
           Equation 5-2 

where i-1, i and i+1 represent sequence DEMEC or strain readings. 

Technically, transfer length is estimated as the distance from the end of the girder to where the 

measured concrete strains become constant. Constant concrete strain means that the strands at that 

end have developed their effective stress. The transfer length was determined by using the 

smoothed strain profile along with the 95% Average Maximum Strain (AMS) method (Russell and 

Burns 1993; Russell and Burns 1996). Figure 5-4 illustrates the application of the AMS method to 

determine the transfer length from the smoothed strain profile of End 3; the points in this plot 

represent the average strains around 2500 seconds in Figure 5-3. Figure 5-5 shows the transfer 

lengths from DEMEC readings at End 9 at release, 1 day, 8 days, and 28 days. 

 
Figure 5-3 Concrete strains measured by strain gages during strands release at end 3 
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Figure 5-4 Determination of transfer length at End 3 by 95% Average Maximum Strain (AMS) 

method 

 
Figure 5-5 Smoothed strain profiles measured by DEMEC points over time at End 9 

5.2.5 Results 

5.2.5.1 Time effect 

Transfer length increases over time, and to monitor this change each girder was equipped with 

DEMEC points. ERSGs do not hold up well over time and would require continuous monitoring 

so they were used to monitor the concrete strain during strand release. However, DEMEC points 

hold up well over time and do not require continuous monitoring. Figure 5-6 shows measured 

transfer lengths at release using DEMEC and strain gages. Note that Ends 7 through 10 were not 
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instrumented with ERSGs because of the limited available installation time. The measured transfer 

lengths at release from the two gage types, ERSGs and DEMEC, were found to be in good 

agreement, as shown in Figure 5-6. The maximum difference in transfer length between DEMEC 

and strain gages was approximately 15% at End 3. In some cases, measured transfer length by 

DEMEC gage was slightly less than the measured transfer length by strain gages, 9% maximum 

at End 5. Using DEMEC readings, Figure 5-7 and Figure 5-8 show the measured transfer lengths 

at multiple times for the HSSS and carbon steel strands, respectively. 

 
Figure 5-6 Measured transfer length at release by DEMEC and strain gages 

 

Figure 5-7 Measured transfer length by DEMEC points over time for HSSS strands 

AASHTO LRFD = 36 in. 
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Increase in transfer length usually occurs during the first 28 days after release (Barnes et al. 

2003; Dang et al. 2016). It was reported that transfer length increases by approximately 10% for 

the first 28 days after release for full-size members constructed with high-strength concrete (Bruce 

et al. 1994). In this study, transfer lengths were found to increase 3% on average after 28 days for 

the HSSS strands, Figure 5-7. The maximum increase in transfer length was approximately 9% in 

the first 28 days after release. The maximum increase in transfer length for carbon steel strands 

was approximately 5% in the first 35 days after release. In some cases, transfer length slightly 

decreased after release. As stated before, one of the disadvantages of the caliper gage is the 

potential for inconsistency in measuring. However, DEMEC gages are the most cost-effective 

method to determine transfer length with time. It can be concluded that the measured transfer 

lengths did not significantly change over time, and this might be due to the high initial concrete 

compressive strength. 

 
Figure 5-8 Measured transfer length by DEMEC points over time for carbon steel strands 

5.2.5.2 Strand release method effect 

Many previous researchers have reported that the transfer length is longer at the cut end than 

at the other end (Kaar et al. 1963; Oh and Kim 2000; Yang et al. 2018). The average percentage 

increase in transfer length is not consistent among all reported results. Moreover, the gradual 

prestress release method results in shorter transfer lengths than the sudden release method (Barnes 

et al. 2003). Effect of sudden release of strands does not only influence small transfer length test 

specimens but also full-scale members. The effect from sudden release of a single strand in a 

AASHTO LRFD = 36 in. 
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concrete prism is different than that of full-size member with multiple strands (Hwan et al. 2006). 

Multiple strands cause higher dynamic impact force.  

In this work, it was found that the cut ends always had longer transfer lengths than the opposite 

ends as shown in Table 5-3. The measured transfer length for carbon steel strands using ERSGs 

and DEMEC gages at the first cut end (End 11) was 61% and 66%, respectively, longer than those 

at the opposite end (End 12). This increase in transfer length is assumed to be mainly because of 

the impact force. Similar to carbon steel strands, HSSS strands had longer transfer lengths at the 

first cut ends than at the other ends. The measured transfer length for HSSS strands using ERSGs 

at End 2 and End 5 (first cut ends) was 25% and 34%, respectively, longer than that at End 1 and 

End 6 (opposite ends).  The measured transfer length for HSSS strands using DEMEC gages at 

End 2 and End 5 (first cut ends) was 13% and 25%, respectively, longer than that at End 1 and 

End 6 (opposite ends).  

Table 5-3 Transfer length results for HSSS and carbon steel strands 

Bed 
designa-
tion 

Girder 
designa-
tion 

End designation 

Transfer length (in.) 
Strain 
gages DEMEC reading 

At 
release 

At 
release  8 days 35 days 

Carbon 
steel 

strands 
casting 

bed 

A1 End 11 1P

st
P cut 25.5 26.3  26.0 25.5 

End 12 2P

nd
P cut 15.8 15.8  15.5 15.3 

A2 End 13 2P

nd
P cut 15.1 15.0  15.5 15.7 

End 14 3P

rd
P cut 16.1 16.7  17.7 17.3 

A3 End 15 3P

rd
P cut 14.9 15.1  15.1 15.8 

End 16 3P

rd
P cut 13.8 15.2  15.0 15.1 

    At 
release 

At 
release 1 day 8 days 28 days 

HSSS 
strands 
casting 

bed 

C1 End 20 1P

st
P cut 21.0  20.5  20.5  21.5  21.5  

End 10 2P

nd
P cut 16.8  18.2  18.2  18.3  18.7  

B2 End 80 2P

nd
P cut - 15.6 15.7 15.3 15.5 

End 70 3P

rd
P cut - 14.5 14.7 14.9 15.3 

C2 End 40 3P

rd
P cut 15.8 16.5 16.9 18.3 18.0 

End 30 3P

rd
P cut 15.0 17.3 17.9 18.7 17.9 

B3 End 10 3P

rd
P cut - 14.4 14.4 14.9 15.6 

End 90 2P

nd
P cut - 15.1 15.5 15.1 15.3 

C3 End 60 2P

nd
P cut 16.0 15.7 15.8 14.8 14.7 

End 50 1P

st
P Cut 21.5 19.7 20.2 20.8 20.6 
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During cutting of the penultimate HSSS strand in casting bed, the last HSSS strand fractured. 

More information about this incident can be found in Section 4.2.5.1. The impact force due to 

fracture failure of the penultimate HSSS strand had a significant effect on the transfer length. This 

effect influenced first cut end (End 2) as well as the internal end (End 1) of the affected Girder C1. 

Exterior end (End 2) of Girder C1 had the highest transfer length compared to transfer length at 

all other ends. Moreover, internal end (End 1) had the highest transfer length compared to transfer 

length at all other internal ends. The increase in transfer length using ERSGs between End 2 and 

End 1 (Girder C1) was approximately double the increase that occurred at the other side of the 

casting bed between End 5 and End 6 (Girder C3). The increase in transfer length using DEMEC 

gages between End 2 and End 1 (Girder C1) was 36% higher than the increase that occurred at the 

other side of the casting bed between End 5 and End 6 (Girder C3). 

5.2.5.3 Prestress force effect 

The transfer length increases with an increase in prestressing force (Oh et al. 2014). The 

prestressing force in the carbon steel strands was 43.9 kips, 18.0% higher than the 37.2-kip force 

in the HSSS strands. Higher prestressing force results in higher impact force on the end of the 

member due to sudden release of the strands. Therefore, it was anticipated that the transfer length 

of the carbon steel strands would be higher than that of the HSSS strands. The transfer length, 

using ERSGs, at release at the first cut end was 25.5 in. (End 11) for carbon steel strands and 21.5 

in. (End 5) for HSSS strands. Thus, transfer length for carbon steel strands was approximately 

18.6% longer than that for HSSS strands. The percentage of transfer length increase was almost 

equal to the percentage increase of the prestressing force. 

5.2.5.4 Confinement reinforcement effect 

Confinement reinforcement enhances the stiffness of the end regions to resist the bursting force 

induced from releasing the strands. The effect of different confinement reinforcement types on 

transfer length were studied. Girders A1, A2, and A3 had carbon steel, GFRP, and stainless steel 

confinement reinforcement, respectively. The averaged-measured transfer length at 35 days was 

15.3 in., 16.5 in., and 15.5 in. for Girders A1, A2, and A3, respectively. The external cut end in 

Girder A1 was excluded because of the effect of sudden release on transfer length. Girders B2 and 

B3 had GFRP and stainless steel confinement reinforcement, respectively. The averaged-measured 

transfer length at 28 days was 15.4 in. and 15.5 in. for Girders B2 and B3, respectively. 

Experimental results revealed that transfer length did not significantly change when confinement 
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reinforcement type was changed from carbon steel rebars to GFRP or stainless steel rebars. Note 

that this conclusion is based on limited sample size and further studies might be needed to fully 

investigate the effect of GFRP confinement on end region stresses and transfer length. 

The effect of different confinement reinforcement spacing on transfer length was also studied. 

Confinement reinforcement spacing was different between the ends of the same girder. At one end, 

the confinement reinforcement spacing was doubled to FDOT’s standard confinement 

reinforcement detailing for the first 12 in. from end face. Ends numbered with odd values refer to 

standard ends while ends numbered with even values represent ends with less confinement 

reinforcement. For Girder A3, transfer length at 35 days was 15.8 in. and 15.1 in. for End 15 and 

End 16, respectively. For Girder B3, transfer length at 28 days was 15.3 in. and 15.5 in. for End 7 

and End 8, respectively. For Girder C3, transfer length at 28 days was 17.9 in. and 18.0 in. for End 

3 and End 4, respectively. Experimental results revealed that transfer length did not significantly 

change when confinement reinforcement spacing was increased to double along the first 12 in. 

from the end face. 

5.2.6 Comparison of test data with literature 

Experimentally-measured transfer lengths were compared with multiple equations from 

literature (Barnes et al. 2003; Kose and Burkett 2005; Lane 1998; Mitchell et al. 1993; Ramirez-

Garcia et al. 2016; Russell and Burns 1996; Zia and Mostafa 1977). Also, experimental values 

were compared with equations from design provisions such as ACI 318 and AASHTO LRFD 

(2017; 2019). The equations in the literature consider parameters such as higher concrete 

compressive strength, different prestressing force and release method, etc. Transfer length results 

ranged from 14.7 in. to 21.5 in. and 15.1 in. to 25.5 in. for HSSS and carbon steel strands, 

respectively, as shown in Table 5-3. The averaged-measured transfer length at 28 days was 17.3 

for HSSS strands while the averaged-measured transfer length at 35 days was 17.5 in. To be more 

conservative, transfer length at the first cut end shall be compared to proposed equations from the 

literature. All measured transfer lengths for HSSS and carbon steel strands were lower than the 

calculated value from ACI 318-19 and AASHTO LRFD Bridge Design Specifications, as shown 

in Figure 5-9 and Figure 5-10. The ratios of maximum-measured transfer length to values obtained 

using ACI and AASHTO equations were, respectively, found to be 1.31 and 1.67 for HSSS strands 

and 1.40 and 1.41 for carbon steel strands. ACI’s transfer length equation provided a better 

estimation for HSSS strands than AASHTO’s equation since ACI considers effective prestress in 
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addition to the strand’s diameter in its prediction equation. Some of the predictive transfer length 

equations yielded a transfer length less than the measured transfer length in this work, as shown in 

Figure 5-9 and Figure 5-10. 

This study was also compared with the experimental transfer length that was obtained by (Paul 

et al. 2017b) for 0.5-in.-diameter HSSS strands in prestressed piles, where the longest calculated 

transfer length for 0.5-in.-diameter HSSS strands at the cut end was reported to be 24 in. The initial 

stress of strands in this study was approximately 11.5% longer than that in (Paul et al. 2017b). The 

maximum-measured transfer length for 0.6-in.-diameter HSSS strands was 90% of that for 0.5-in.-

diameter HSSS strands. This observation contradicted the conclusions that transfer length is longer 

for bigger strand diameters and increases with an increase in the initial jacking stress (Oh et al. 

2014; Russell and Burns 1996). (Paul et al. 2017b) reported that difficulties were encountered 

when removing the pile from the bed and, therefore, a mechanical hammer was used. (Paul et al. 

2017b) suggested that the vibration induced from the mechanical works may have resulted in 

longer transfer length values in that pile. Also, the concrete compressive strength of the piles was 

8 ksi at 28 days, which is 70% of that used in this study. Because transfer length is considered to 

be inversely proportional to concrete compressive strength (Mitchell et al. 1993), the shorter 

transfer length obtained in this study for 0.6-in.-diameter strands may be attributed to the higher 

concrete compressive strength.  

 
Figure 5-9 Comparison of measured transfer length of HSSS strands with equations from 

literature 
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Figure 5-10 Comparison of measured transfer length of carbon steel strands with equations from 

literature  

5.3 Second set of girders 

5.3.1 Preparation of specimens 

See Section 4.3.4 for information about fabrication of the specimens. 

5.3.2 Method of prestress release 

The strands were released using the flame cutting method. The orientation of the girders in the 

beds is illustrated in Figure 4-25. The strands were cut in the following sequence: first, at the 

external ends of the external girders, simultaneously; second, at the internal ends of the external 

girders; and third, between internal ends of the internal girders. The strand release sequence and 

procedure in this study represents common industry practice for AASHTO Type II girders. 

5.3.3 Instrumentation 

Fiber optic sensors (FOS) and ERSGs were used to determine the transfer length of the 0.6-

in.-diameter HSSS strands. Utilizing FOS to measure strain distributions to determine transfer 

length has been very limited until now. The FOS used in this study was a distributed fiber optic 

with a gage spacing of 0.25 in. FOS were used internally and externally to measure strains at the 

end regions. Internal FOS were installed as follows. A 50-in.-long No. 2 GFRP bar was cut. Then, 

a small portion along the length of the GFRP bar was grooved. The GFRP bar was cleaned, and 

the fiber optic sensors were glued into the groove. After tensioning the strands, the GFRP bars 
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were attached to the bottom layer of strands, running parallel to the strands, as shown in Figure 

5-11. The internal FOS was placed at 3 in. from the girder end and extended 40 in. After casting 

the concrete and removing the forms, external FOS were installed on the concrete surface at the 

bottom flange as shown in Figure 5-12. The external FOS was placed for 40 in. starting at 2 in. 

from the girder end. Due to limited channels in the data acquisition system, only three Girders (E2, 

E4 and E5), four end regions, were instrumented with FOS. To verify the strain measurements 

from the FOS, two ends of Girder E2 were instrumented with ERSGs. The ERSGs were installed 

on the concrete surface on the other side of the bottom flange with a spacing of 5 in. starting at 2 

in. from the beam end to 42 in.; a total of eight strain gages were installed at each end as shown in 

Figure 5-13. Two data loggers were used for data acquisition: one was used for FOS 

measurements, and the other was dedicated for ERSG measurements. 

 
Figure 5-11 Installation of internal Fiber Optic Sensors for transfer length 

 
Figure 5-12 Installation of external Fiber Optic Sensors for transfer length 
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Figure 5-13 Installation of strain gages for transfer length 

5.3.4 Results 

The scope of this experimental work was to verify that transfer length can be determined using 

different types of sensing technology such as fiber optic sensors. In general, transfer length is 

estimated using strain measurements from DEMEC gages or ERSGs attached to the concrete 

surface. However, in this study, FOS were used to measure strain. FOS provide continuous strain 

measurements, which is an advantage compared to DEMEC gages and ERSGs. Figure 5-14 shows 

the strain distribution measured using ERSGs and FOS in all tested specimens. The magnitude of 

the strains in the FOS stabilized – reached a constant plateau – after a certain distance, indicating 

full stress transfer from the strands to the concrete, Figure 5-14. Strain values obtained by internal 

fiber optic sensors were always higher than those obtained by external fiber optic sensors except 

at the cut (external) end.  In this study, the 95% average maximum strain (AMS) method was 

adopted to determine the convergence point and then evaluate the transfer length (Russell and 

Burns 1993). Table 5-4 provides a summary of all the transfer lengths obtained from ERSGs and 

FOS. Note that only two out of the four ends were instrumented with strain gages. The transfer 

length at the cut end was longer than those at the other ends. This observation was expected 

because the sudden release of the strands by flame cutting at the cut end is expected to generate a 

higher impact force than at the other ends.  

The results from this study indicate that FOS provide better representation of strain distribution 

than strain gages. Both internal and external fiber optic sensors were found to give a good transfer 

length result. Therefore, FOS is an alternative option that can be used to measure transfer length. 

Advantages of using internal fiber optic sensors are reduced installation time at the casting yard 
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and reduced measurement error due to their less dependency on good concrete surface condition 

and adhesion. 

  

  
Figure 5-14 Smoothed strain distribution of the tested specimens 

Table 5-4 Transfer length estimates of the tested specimens at release 
Specimen End designation Strain gages (in.) Internal FOS (in.) External FOS (in.) 

Girder E2 
External (cut) end 19.7 24.0 20.6 

Internal end 13.0 12.8 13.2 
Girder E4 Internal end - 15.0 16.0 
Girder E5 Internal end - 13.2 15.0 

As known, releasing of strands generates compressive force in the concrete. Higher 

compressive forces were obviously obtained at the ends that had larger total initial prestressing 
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forces. Compressive forces at the dead end of the specimens are depicted as compressive strain in 

Figure 5-15. The total initial prestressing force of Girders E2, E4 and E5 was 396, 324 and 252 

kips, respectively. The average maximum strain values were approximately 369, 317 and 274 

microstrain, respectively.  

 
Figure 5-15 Strain distribution from the external fiber optic at internal ends 

5.3.5 Comparison with first set of girders 

The transfer length increases with an increase in prestressing force (Oh et al. 2014). Thus, 

transfer length in the first set of girders was expected to be greater than that in the second set of 

girders because the initial prestressing force in the first set of girders was 3.3% greater than that in 

the second set of girders. Transfer lengths calculated from ERSGs measurements were used in the 

comparison. The maximum transfer length at release at external (cut) end in the first set and second 

set of girders was 21.5 in. and 19.7 in., respectively. Also, the average transfer length at release at 

the internal end in the first set and second set of girders was 15.9 in, and 13.0 in., respectively. 

Thus, it can be concluded that results obtained from the first set and second set of girders are in 

good agreement.  

5.3.6 Prediction of transfer length 

AASHTO LRFD Bridge Design Specifications and ACI 318-19 were used to predict the 

transfer lengths (2017; 2019). The predicted transfer lengths by AASHTO LRFD and ACI 318 

were 36.0 in. and 31.2 in., respectively. The transfer lengths immediately after release were 

generally shorter than the predictions. Note that the transfer lengths in this study were determined 
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only immediately after release. Transfer lengths in all specimens are expected to increase with 

time. However, monitoring the growth of the transfer length was not within the scope of this study. 

5.4 Summary 

One of the objectives of this experimental work was to determine the transfer length for 0.6-

in.-diameter HSSS strands. The transfer lengths were calculated from strain profiles, which were 

measured by strain gages, DEMEC points, and internal and external fiber optic sensors. Based on 

the experimental test results, the following conclusions were drawn: 

1. The maximum transfer length of HSSS and carbon steel strands was 21.5 in. and 25.5 in, 

respectively. The ratio of prestressing force of HSSS to carbon steel strands was 84.7%, 

which was approximately equal to the ratio of transfer length of HSSS to that of carbon 

steel strands, 84.3%.  Therefore, it was concluded that the transfer length increases with an 

increase in prestressing force. 

2. This study indicates that the transfer length at the first cut end was always higher than that 

at the second cut end regardless of strand type. The maximum increase of transfer length 

for HSSS strands between the first cut end and the second cut end was 25% and 34%, 

respectively, when transfer length was measured using DEMEC and ERSGs. The strands 

at the second cut ends were relatively gradually released.  

3. By examining the measured transfer lengths, no significant change in the transfer length 

was observed when different types and spacing of confinement and vertical reinforcement 

were used. 

4. Strain gages and fiber optic sensors can only be used to measure transfer length at release. 

The maximum transfer length at release of 0.6-in.-diameter HSSS strands using strain 

gages, internal FOS, and external FOS was 19.7 in., 24.0 in., and 20.6 in., respectively. 

5. Transfer lengths at release of 0.6-in.-diameter HSSS strands using strain gages from the 

first set and second set of girders were in good agreement. 

6. Transfer lengths obtained by internal and external FOSs were in good agreement with those 

obtained by strain gages. Internal and external FOSs provide better representation of strain 

distribution than strain gages. 

7. This study recommends the use of internal fiber optic sensors to measure strain distribution 

at the end regions. Advantages of using internal fiber optic sensors are reduced installation 
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time at the casting yard and reduced measurement error due to their less dependency on 

good concrete surface condition and adhesion. 

8. The current ACI 318-19 design code and AASHTO LRFD Bridge Design Specifications 

conservatively estimate the transfer length of HSSS and carbon steel strands. 
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CHAPTER 6 FLEXURAL TEST 
 

6.1 Introduction 

This chapter reports the flexural test results that were obtained from testing ten (10) girders 

prestressed with 0.6-in.-diameter HSSS strands and two (2) girders prestressed with 0.6-in.-

diameter carbon steel strands. The testing matrix of the first set of girders consisted of five (5) 

girders prestressed with HSSS strands and two (2) girders prestressed with carbon steel strands. 

The testing matrix of the second set of girders included five (5) girders prestressed with HSSS 

strands.  

6.2 First set of girders 

6.2.1 Test setup 

All seven girders were tested in flexure using a four-point loading scheme while the eighth 

girder was tested in shear, which is discussed in Chapter 10. For the flexural test, a 7-ft-long 

W16x100 spreader beam was used to transfer load from actuator to girder. The spreader beam was 

placed on the top face of the girder on two neoprene pads spaced at 6 ft. The load from the actuator 

was applied at the center of the spreader beam. The girder was placed on thick neoprene pads to 

create a simply-supported condition. The clear span was 40 ft. The test setups for the non-

composite and composite specimens are shown in Figure 6-1a and Figure 6-1b, respectively. The 

shear reinforcement (4K bars) extended out of the girder’s top face. So, for non-composite 

specimens, the extended part of six bars in the mid span was cut to provide space for the spreader 

beam as shown in Figure 6-1a. In the case of composite specimens, the shear reinforcement was 

embedded in the deck slab as shown in Figure 6-1b. 

Girder B2 was the first to be tested among the four composite specimens as shown in Figure 

6-2a. Slightly after cracking load, a shear crack initiated at the end of the girder as shown in Figure 

6-2b. Thus, it was decided to unload the specimen. One solution to prevent shear failure in a 

member is to externally reinforce it with steel rods. (Chehab et al. 2018) used external clamped 

steel bars to preserve a portion of the girder from damage during the initial test, for subsequent 

testing. (Chehab et al. 2018) was able to test a 36-ft-long AASHTO Type II girder three times in 

shear by using external clamped steel bars and adjusting the support and load locations. In this 

experimental work, it was decided to use external post-tensioning clamped steel rods, Figure 6-2c, 

to reinforce the section and prevent it from failing in shear. The steel rods were not attached to the 

steel frame and therefore did not influence the rotation of the specimen. Girder B2 was then loaded 
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to failure. As mentioned before, the main objective of this experimental program was to study the 

flexural behavior of girders prestressed with HSSS strands. For consistency in the testing 

procedure, the other three composite specimens were also reinforced with the external threaded 

rods. 

 
Figure 6-1 Flexural test setup a) for non-composite specimens; and (b) for composite 

specimens 

 
(a) before adding clamps 

 
(b) crack at the end 

 
(c) after adding clamps 

Figure 6-2 Flexural test setup for Girder B2 

External post-tensioning clamped steel bars were installed as follows. First, sizes of the 

threaded rods and steel tubes (at the top and bottom) were determined so that they will not fail or 

yield during the tensioning procedure and/or testing of the girder. The dimensions of the top and 

bottom tubes were 3 in. x 3 in. and 4 in. x 4 in., respectively. A smaller tube was used at the top 
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region because the moment demand at the top region was lower than at the bottom region. Second, 

the threaded rods and tubes were attached to the beam. A total of 14 sets (seven sets on each side 

of the specimens as shown in Figure 6-2c) of external clamped steel bars were used. The first set 

of external clamped steel bars was installed at 22 in. from the end face of the beam. Then, the rest 

were installed at 29-in. spacing on-center, and the distance from the last set to the point load was 

20 in. All external reinforcements were symmetrical about the girder’s center line. Once all 

external clamped steel bars were placed, washers were installed, and nuts were tightened. Third, 

the threaded rods were tensioned. A system was created to apply the tension force to the threaded 

rods as shown in Figure 6-3. Each set, two threaded rods, was tensioned individually. The installed 

threaded rod was extended by attaching another threaded rod through the coupler. Then, a new 

steel tube (7 in. x 7 in.) was placed through the threaded rods and locked using nuts at both ends, 

leaving a space for the hydraulic jack to be placed between the two tubes. The hydraulic jack was 

positioned carefully. The force from the hydraulic jack pushed the new steel tube, and therefore 

the girder was vertically squeezed. As a result, the nuts at the top face of the girder were loosened. 

The two nuts were simultaneously tightened using a wrench, causing a tension of 5.6 kips in each 

threaded rod. It was assumed that approximately equal tensile forces were applied to each threaded 

rod. For this experiment, the discrepancy in tensile forces applied to threaded rods does not 

significantly affect the performance of the system. A similar procedure was used for each set of 

external clamped steel bars. 

 
Figure 6-3 External post-tensioning of threaded rods 
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6.2.2 Test instrumentation 

Each girder was instrumented with strain, deflection and shaft gages. Figure 6-4 and Figure 

6-5 show the test instrumentation for monolithic and composite girders, respectively. Three sets 

of strain gages were installed on the concrete top surface at three locations (mid span cross section 

and 18 in. from mid span in each direction) in the constant moment region. For monolithic girders, 

two sets of two strain gages were installed along the depth of the section at midspan at 3 in. and 

12 in. from the top face of the girder. For composite girders, three sets of two strain gages were 

installed along the depth of the section at mid span at 4 in., 13 in., and 22 in. from the top face of 

the slab. Multiple deflection gages were installed along the length of the girder, to measure the 

vertical displacement of the specimen during the flexural test. The strand slip gages were installed 

on all bottom layer strands to monitor any slip in the strands during the flexural test. The load was 

applied by a hydraulic jack at a rate of 0.25 kip/sec. Two load cells, placed at the center of the load 

frame, were used to measure the applied load. 

6.2.3 Prestress losses 

Limited studies have been performed regarding the prestress losses of any grade of stainless 

steel strands and particularly HSSS strands. (Paul et al. 2017a) investigated the prestress loss of 

0.5-in.-diameter HSSS strands in piles. The HSSS strands were tensioned to 61% of their ultimate 

stress, which was reported as 240 ksi. (Paul et al. 2017a) reported that the total prestress losses in 

the 0.5-in.-diameter HSSS strands were 12.4% after 335 days. At the time of writing this report, 

(Paul et al. 2017a) had conducted the only study related to the prestress losses estimation of 0.5-

in.-diameter HSSS strands, and no study, so far, has investigated prestress losses estimation for 

the new 0.6-in.-diameter HSSS strands. 

For assessment of total prestress losses, two vibrating wire strain gages (VWSGs) were 

installed at the bottom layer of strands in the mid span of each girder as shown in Figure 6-6. The 

VWSGs can be embedded in concrete and measure internal concrete strain and temperature. The 

reference reading for each vibrating wire was collected immediately before releasing the strands. 

Afterward, periodic readings were taken. Perfect bonding was assumed between the strands and 

surrounding concrete. Thus, the change in strain of prestressing strands equals the change in strain 

of concrete at the same level. The measured strains, from VWSGs, were corrected by including 

the internal temperature of concrete and coefficient of thermal expansion of steel, which was 12.2 

microstrain/C. The corrected strains were transformed into stresses by using the elastic modulus 
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of the strands. The stress losses by VWSGs were calculated by subtracting the measured stress in 

the strands from the initial prestress. 

 

 
Figure 6-4 Test instrumentation for monolithic girders 

 

 
Figure 6-5 Test instrumentation for composite girders 
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Figure 6-6 VWSG attached to the bottom layer of strands in Girder A2 

Based on the design objective of this study, the HSSS specimens were divided into two groups. 

The first group included HSSS specimens (Girder C1, Girder C2, and Girder C3) which had the 

same prestressing force as the carbon steel specimens (Girder A1 and Girder A3). The second 

group consisted of HSSS specimens (Girder B2 and Girder B3) which had same prestressing 

reinforcement ratio as the carbon steel specimens. The initial total prestressing force for the second 

group was approximately 84.7% of that for the carbon steel specimens. Thus, the elastic shortening 

losses for the second group were expected to be lower than those for the carbon steel specimens. 

VWSGs readings immediately after releasing the strands were used to determine the stress losses 

caused by elastic shortening (∆fpES). Figure 6-7 shows measured elastic shortening losses. The 

elastic shortening losses for the second group were 86.0% on average of those for carbon steel 

specimens as shown in Figure 6-7. 

Because VWSGs measure only change in the concrete strain, they cannot detect changes in the 

strands’ strain caused by relaxation of strands (Garber et al. 2015). Prestress loss due to strand 

relaxation is best determined by a separate experiment. (Schuetz 2013) conducted experimental 

tests, following ASTM E38 (2013), to measure stress relaxation for 0.5-in.-diameter HSSS strands. 

(Schuetz 2013) tested three specimens for 1000 hours. The strand specimens were initially stressed 

to 70% of their ultimate tensile stress. Results revealed that the average stress relaxation loss was 

2.49%, which was slightly below the acceptable limit by ASTM A1114. At the time of writing this 

report, Schuetz had conducted the only study related to the stress-relaxation losses of 0.5-in.-

diameter HSSS strands, and no study, so far, has investigated stress-relaxation losses of the new 

0.6-in.-diameter HSSS strands. Also, it was not within the scope of this study. Therefore, 
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AASHTO Equation 5.9.3.4.2c-1, which is given in Equation 6-1, was used to estimate the stress-

relaxation losses (∆fpR). 

∆𝑓&> =
%5<
Y=
b%5<
%5>

− 0.55d  Equation 6-1 

 

 
Figure 6-7 Measured elastic shortening losses 

The stress immediately after transfer, fpt, was calculated using Equation 6-2, where:  fpi is initial 

stress in the strands, which was 202.2 ksi and 161.7 ksi for carbon steel and HSSS strands, 

respectively; ∆fpES is elastic shortening losses, which is given in Figure 6-7; 𝑓&/ is yield stress in 

the strands, which was 243 ksi and 230 ksi for carbon steel and HSSS strands, respectively; and 

the factor accounting for the type of steel, KL, was taken as 30 for both carbon steel and HSSS 

strands. 

𝑓&# = 𝑓&0 − ∆𝑓&=8  Equation 6-2 

The averaged-estimated stress relaxation loss was found to be equal to 1.49 ksi and 0.52 ksi 

for carbon steel and HSSS strands, respectively. The estimated stress relaxation loss for HSSS was 

significantly lower than that for carbon steel strands because the stress in the HSSS strands 

immediately after transfer, 𝑓&#, was lower than that in carbon steel strands. More research is needed 

to determine the applicability of the current AASHTO equation to determine the stress relaxation 

losses for HSSS strands. The total stress losses in the strands were calculated by adding the stress 

losses measured by VWSGs and stress-relaxation losses estimated by AASHTO (2017). For 
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composite girders, the estimated stress-relaxation loss was added twice: the first time after 

releasing the strands, and the second time after adding the deck slab. 

The effective stress in the prestressing strands was calculated periodically. Figure 6-8 shows 

effective prestress force with time. All specimens were transported 38 days after start of building 

the carbon steel specimens (32 days after start of building the HSSS specimens). All specimens, 

shown in Figure 6-8, experienced an increase in the effective stress for approximately 18 days after 

arriving at the FDOT SRC. This increase is attributed to vibration of the girders while transporting. 

Afterward, the effective stress started to decrease. Four specimens were made composite by adding 

a deck slab, cast at the FDOT SRC. The deck slab produced a uniform dead load on the girder, 

resulting in an increase in the effective stress. 

 
Figure 6-8 Effective prestress with time 

The comparison of prestress losses between the carbon steel and HSSS strands shall be made 

between members with the same prestressing force and same section geometry. The comparison 

shall be presented in terms of percentage of prestress losses because the initial prestressing force 

was different between the HSSS and carbon steel strands. Figure 6-9 presents the percentage of 

prestress losses with time for all specimens. The first specimen (Girder A1) was tested 63 days 

after start of building, and others were tested later. The loss of initial prestress for all non-

composite specimens, at the day of testing Girder A1, is shown in Figure 6-10. The averaged-

measured prestress losses were 12.4% and 14.2% for carbon steel and HSSS strands (in the girders 

which had the same prestressing force as the control girders), respectively. A proper comparison 
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can also be made between the composite specimen Girder C2, which was tested in flexure 48 days 

after casting deck slab, and Girder A2, which was tested 54 days after casting deck slab. The 

averaged-measured prestress losses were 12.6% and 13.7% for carbon steel and HSSS strands, 

respectively. Even though the total initial prestressing force in the girders prestressed with carbon 

steel and HSSS strands was equal, the total prestressing losses were slightly higher in the HSSS 

strands. The measured total prestress losses of the 0.6-in.-diameter HSSS strands were higher than 

the reported total prestress losses of the 0.5-in.-diameter HSSS strands by (Paul et al. 2017a). 

 
Figure 6-9 Prestress losses estimation with time 

6.2.4 Experimental results 

All seven specimens were tested in flexure up to failure except for Girder A3 and Girder B3, 

which were unloaded before failure to save them for a future shear test. The specimens were tested 

over a period of 12 months. Experimental mid span load-deflection curves for all tested girders are 

shown in Figure 6-11 and Figure 6-12 for non-composite and composite girders, respectively. The 

load-deflection curve is divided into two regions, separated by initiation of the first flexural 

cracking. All specimens behaved linearly in the pre-cracking region. All girders prestressed with 

HSSS strands exhibited similar post-cracking behavior up to failure, which was different than that 

for the control specimen. Unlike carbon steel strands where they reach plateau after yielding, HSSS 

strands exhibit no discernible yield plateau. The capacity of all girders prestressed with HSSS 

strands increased up to failure, which reflects the stress-strain behavior of the HSSS strands. 
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Figure 6-10 Measured prestress losses of non-composite girders 63 days after start of building 

control girders 
 

 
Figure 6-11 Load-deflection relationships of non-composite girders in the first set of girders 
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Figure 6-12 Load-deflection relationships of composite girders in the first set of girders 

Shear reinforcement in all specimens extended out of the top of the girder. The extended 

stirrups are essential to develop dowel interlock between the girder and deck slab. The shear 

reinforcement had 90-degree hooks at the top and bottom to develop sufficient bonding with the 

surrounding concrete. Three specimens in this study were non-composite girders, and therefore 

the top 90-degree hook was not embedded in the concrete section. Therefore, stirrups could not 

develop their anticipated strength, as designed, because development length was not enough. The 

consequence of this effect was reduced post-cracking behavior of the member. In this experimental 

program, it is appropriate to compare results of all three non-composite specimens because they 

were all designed and tested under the same condition. However, the post-cracking behavior of the 

non-composite specimens would have been different than those in this experimental program if 

the stirrups were embedded in a concrete slab. 

Among the four composite girders, two were reinforced with GFRP stirrups (Girder B2 and 

Girder C2). GFRP rebar has a lower elastic modulus and ultimate strain compared to carbon and/or 

stainless steel rebar. The stiffnesses of Girder B2 and Girder C2 were significantly reduced, and 

this was not taken into consideration during design. Because GFRP rebar is made from an 

anisotropic material, their longitudinal strength is much higher than their transverse strength. 

Therefore, interface shear failure was another issue in Girder B2 and Girder C2 for two reasons: 

GFRP rebar does not provide high strength in the transverse direction, and the interface region was 

smooth. 
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A summary of the main test results is given in Table 6-1. Discussion and comparison of the 

experimental results are summarized in the following sections. 

Table 6-1 Flexural tests results of first set of girders 

Section Specimen 
ID 

Cracking 
load (kips) 

Cracking 
deflection 

(in.) 

Ultimate  
Load (kips) 

Ultimate 
deflection 

(in.) 

Failure 
mode 

[analytical] 
Note 

Non-
composite 

section 

Girder A1 
(control) 98.4  0.931  152.7 4.642 Crushing of 

concrete 
 

Girder B3  80.2  0.840 -- -- Crushing of 
concrete 

Unloaded 
before failure 

Girder C1 94.5  0.992 170.6 5.071 Crushing of 
concrete 

 

Composite 
section 

Girder A3 
(control) 143.2 0.455 -- -- Crushing of 

concrete 
Unloaded 

before failure 

Girder B2 115.6 0.445 216.7 5.835 Rupture of 
strands 

 

Girder C2 132.6 0.530 254.7 5.969 Rupture of 
strands 

 

Girder C3 143.6 0.530 286.3 5.693 Rupture of 
strands 

 

6.2.4.1 Non-composite girders 

Girder A1 was the control girder, which had 11 carbon steel strands. Girder C1 and Girder B3, 

which were prestressed with HSSS strands, had the same initial prestressing force and the same 

prestressing steel area as the control girder, respectively. The flexural behavior of all specimens 

was linear up to the occurrence of the first flexural crack as shown in Figure 6-11. The post-

cracking behavior of specimens prestressed with HSSS strands, Girder B3 and Girder C1, was 

increasing load up to failure, which reflects the stress-strain behavior of the HSSS strands. 

Girder B3 had the same total number of strands as the control girder, Girder A1, but a lower 

initial total prestressing force.  The flexural behavior of Girder B3 was different and lower than 

that for Girder A1 as shown in Figure 6-11. The cracking load for Girder A1 was approximately 

22.7% greater than that for Girder B3. The ultimate load and deflection for Girder A1 was 152.7 

kips and 4.64 in., respectively. Girder B3 was loaded until the measured deflection reached the 

ultimate deflection of Girder A1, 4.64 in. At this deflection, the measured load for Girder B3 was 

approximately 95% of that for Girder A1. Girder B3 was unloaded to be saved for future shear 

tests.  

The prestressing reinforcement ratio has a significant influence on the flexural behavior of the 

member. Girder C1 had the same initial total prestressing force as the control girder but a higher 

prestressing reinforcement ratio. Achieving the same initial total prestressing force in Girder C1 
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required having more prestressing strands compared to the control girder because the ultimate 

stress as well as the stress limit for the carbon steel strands was higher than those for the HSSS 

strands. Thus, the ultimate load and deflection for Girder C1 were approximately 11.7% and 9.2% 

greater, respectively, than those for Girder A1. The stiffness of Girder C1 was lower than that of 

Girder A1 up to a 3-in. deflection. After that, the stiffness of Girder C1 became greater than that 

of Girder A1. All non-composite girders failed by crushing of concrete as designed. 

6.2.4.2 Composite girders 

Girder A3 was the control girder, which had carbon steel strands. Girder B2, which was 

prestressed with HSSS strands, had the same reinforcement ratio as the control girder, and Girders 

C2 and C3, which were prestressed with HSSS strands, had the same initial total prestressing force 

as the control girder. The flexural behavior was linear with applied load up to initiation of the first 

flexural crack. After cracking load, behavior of composite girders prestressed with HSSS strands 

was increasing load up to failure, which reflects the stress-strain behavior of the HSSS strands. All 

composite girders prestressed with HSSS strands failed due to rupture of all the strands, which 

indicated that the capacity of the member was controlled by the ultimate strain limit of the HSSS 

strands. 

To achieve the same initial total prestressing force in Girders C2 and C3 compared to Girder 

A3, the number of HSSS strands was increased in Girders C2 and C3 because HSSS strands had 

lower ultimate stress and stress limit than carbon steel strands. The prestressing reinforcement ratio 

is proportional to the bending capacity of the member. Both Girders A3 and C3 had similar pre-

cracking behavior, where they cracked at almost the same load. The post-cracking behavior of 

Girder A3 was almost identical to Girder C3 up to a point where Girder A3 deflection increased 

more rapidly due to yielding of carbon steel strands; in contrast, the load on Girder C3 continued 

increasing up to failure. Girder A3 was unloaded once the load-deflection curve plateaued at 231.4 

kips. Girder A3 had a permanent deflection of 0.460 in. after unloading. Girder C3 was unloaded 

once it reached 90% of the calculated analytical capacity and then loaded up to failure, 286.3 kips. 

It had a permanent deflection of 0.216 in. after unloading. 

Girder C2 and Girder C3 were identical except that Girder C2 had GFRP stirrups while Girder 

C3 had stainless steel stirrups. As mentioned before, all girders were designed to resist shear and 

fail in flexure. Shear reinforcement was designed based on the mechanical properties of carbon 

steel rebar. The carbon steel shear reinforcement in Girder C1 was replaced on a one-to-one basis 
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with GFRP rebars in Girder C2 and with stainless steel rebars in Girder C3. Because stainless steel 

rebars have comparable mechanical properties to carbon steel rebars, in this study it was natural 

to change shear reinforcement from carbon steel to stainless steel. However, direct replacement of 

shear reinforcement from carbon steel rebars to GFRP rebars affects the flexural behavior of the 

girder because GFRP rebars have lower ultimate strain and elastic modulus than those of carbon 

steel rebars. Due to the use of GFRP stirrups in Girder C2, the overall flexural behavior was 

significantly reduced as shown in Figure 6-12. Deformation almost entirely comes from flexure, 

if shear deformations are assumed to be zero. An increase in deflection can also be attributed to 

the concrete surface condition at the interface region and to low interface shear reinforcement, 

which affects the composite interaction of the girder and deck slab. The cracking and ultimate 

loads of Girder C3 were 8.3% and 12.4% higher than those of Girder C2, respectively, even though 

Girder C3 and Girder C2 had the same longitudinal reinforcement type and force. However, the 

cracking deflection and ultimate deflection were almost equal for both girders. Visual inspection 

of Girder C2 and Girder C3 revealed that more cracks originated throughout the length in Girder 

C2 than in Girder C3. Figure 6-13 shows both Girder C2 and Girder C3 after the flexural tests. An 

increased number of cracks in Girder C2 contributed to the reduction in the girder’s stiffness due 

to the use of GFRP rebar. 

 
Figure 6-13 Crack patterns at ultimate load for Girder C2 and Girder C3 

Girder B2 and Girder C2 had the same longitudinal reinforcement (HSSS strands) and same 

transverse reinforcement (GFRP rebars), but different prestressing reinforcement ratio. The 
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prestressing reinforcement ratio in Girder C2 was approximately 18.2% greater than that for Girder 

B2. Both girders failed at approximately the same deflection as shown in Figure 6-12. However, 

the ultimate capacity of Girder C2 was approximately 17.5% higher than that of Girder B2. 

6.2.4.3 Failure mode 

The failure mode of a prestressed concrete member depends on the type and ratio of 

prestressing and on the concrete compressive strength. The desired failure mode for concrete 

members prestressed with carbon steel strands is yielding of the prestressing strands followed by 

crushing of concrete. Because HSSS strands have low ductility, rupture of strands is another 

possible failure mode when they are used in flexural members. 

All non-composite girders failed by crushing of concrete. Figure 6-14 shows Girder B3 after 

failure. At failure load, concrete crushed in the compression zone, but to check the integrity of the 

HSSS strands, the concrete in the bottom flange was removed as shown in Figure 6-14. Adding a 

deck-slab to the AASHTO Type II girder resulted in a decrease in the prestressing reinforcement 

ratio; all composite girders prestressed with HSSS strands failed by rupture of all strands. Figure 

6-15 shows Girder B2 after failure, where all HSSS strands in the bottom flange broke while the 

concrete at the top face was still intact. Ductility is a significant measure of the performance of 

prestressed concrete members. One way to measure ductility is deformation. The deformations can 

be expressed in terms of strain, deflections, or curvatures. Rupture of strands might be considered 

as brittle failure; however, all HSSS composite girders failed at a large deflection, as shown in 

Figure 6-15, with many flexural cracks in the mid-span region. Therefore, regardless of failure 

mode, the girders prestressed with HSSS strands can achieve ultimate capacity and deformability 

as high as girders prestressed with carbon steel strands. In conclusion, design of prestressed 

concrete I-girders with HSSS strands to fail by rupturing of strands is a viable design option, if not 

the best option, among other failure modes. 

6.3 Second set of girders 

6.3.1 Test setup 

All five 42-ft-long girders were tested in flexure under a four-point bending setup over an 

effective span of 40 ft as shown in Figure 6-16. A two-point loading frame was used to transfer 

the load from actuator to beam; each point load was located 3 ft from midspan. Steel-reinforced 

neoprene bearing pads were installed at loading points and supports. 
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Figure 6-14 Crushing of concrete failure mode (Girder B3) 

 

 
Figure 6-15 Rupture of strands failure mode (Girder B2) 
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Figure 6-16 Loading scheme 

6.3.2 Test instrumentation 

Each girder was instrumented with strain, deflection, and shaft gages as shown in Figure 6-17. 

Strain gages were installed at these locations: six at the top fiber of the slab in the constant moment 

region, two at mid span, and two at 12 in. from mid span on each side. Three sets of two strain 

gages were installed along the depth of the section at mid span at 4 in., 11 in., and 20 in. from the 

top fiber of the slab. Twelve laser deflection gages were installed along the entire length of the 

specimens: two gages at mid span, two gages at 36 in. from mid span on each side, one gage at 

each support, and one gage at 68 in. and 136 in. from the support on both sides. Shaft gages were 

used to monitor slip of the bottom layer of prestressing strands. 

 
Figure 6-17 Test instrumentation of composite girders (second set) 



93 

6.3.3 Prestress losses 

The prestress losses in the HSSS strands were evaluated using two different estimation 

procedures. 

The first method to determine the stress losses in HSSS strands was using VWSGs. Each girder 

contained at least one VWSG attached to the bottom layer of strands at mid span as shown in 

Figure 6-18. Reference readings (strain measurements and internal temperature of concrete) were 

taken immediately before releasing the strands. Subsequent readings were taken immediately after 

releasing the strands and before flexural testing of the girders. The procedure to determine the 

stress losses from VWSGs is explained previously in this report in Section 6.2.3. The final losses 

in the HSSS strands before the flexural tests included losses measured by VWSGs and stress-

relaxation losses estimated by AASHTO Section 5.9.3.3. The estimated stress-relaxation loss was 

added twice; the first time after releasing the strands and the second time after adding the deck 

slab. Table 6-2 shows the total prestress losses and effective prestress in the HSSS strands. The 

age in Table 6-2 indicates the number of days from release to flexural testing day. The averaged-

measured prestress losses using VWSGs (not including losses due to relaxation of strands) was 

16.2 ksi, 14.0 ksi, and 10.7 ksi for girders prestressed with 11, 9, and 7 HSSS strands, respectively. 

Figure 6-19 presents the percentage of total prestress losses in HSSS strands where the initial stress 

was 156.5 ksi. The measured prestress losses increased when the initial total prestressing force 

increased. The maximum measured total prestress losses in HSSS strands was 12.1% of the initial 

stress. The effective prestress losses in HSSS strands before the flexural test is given in Table 6-2. 

 
Figure 6-18 VWSGs attached to the bottom layer of HSSS strands in Girder E1 
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Table 6-2 Prestress losses of HSSS strands using VWSGs 

Specimen 
ID 

VWSG 
ID 

Age 
(days) 

Initial 
stress  
(ksi) 

Prestress losses (ksi) Effective 
stress (ksi) 

Effective / 
jacking 
stresses VWSGs Stress 

relaxation Total 

Girder 
E1 VW1 110 

156.5 

16.5 

 
2.4 

18.9 137.6 87.9% 

Girder 
E2 

VW7 
113 15.5 17.9 138.6 88.6% 

VW8 16.2 18.6 138.0 88.2% 
Girder 

E3 VW2 125 15.2 17.6 139.0 88.8% 

Girder 
E4 

VW5 
120 13.2 15.6 141.0 90.1% 

VW6 12.4 14.8 141.8 90.6% 
Girder 

E5 
VW3 

133 10.1 12.5 144.1 92.1% 
VW4 11.3 13.7 142.8 91.2% 

 

 

Figure 6-19 Measured prestress losses of HSSS strands in second set of girders 

The second method to determine the total prestress losses in the HSSS strands was the 

decompression method (Pessiki et al. 1996). Note that this method requires loading the member 

beyond cracking, therefore, it cannot be used in the field. This method was used to validate results 

obtained by VWSGs. The girder was loaded until the first flexural crack formed in the constant 

moment region. Once a flexural crack was seen, the load was halted to mark the crack and identify 

its location as shown in Figure 6-20a. Then, the girder was unloaded, and the marked flexural 

crack closed, as shown in Figure 6-20b, due to the effect of the prestressing force. Two sets of two 
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strain gages were placed on opposite sides of the crack as shown Figure 6-20b. The girder was 

loaded again, and data was collected. The concrete strains on opposite sides of the crack increased 

linearly until a certain load level at which the strain reached a plateau as shown in Figure 6-21. 

The change in slope on the load-strain curve indicates that all the precompression in the tension 

zone, due to effect of the prestress force, has been overcome. Therefore, the decompression load 

is defined as the load when the strain no longer increases with applied load. At the decompression 

load, the stress at the bottom fiber of the girder is assumed to be zero. The decompression load for 

each beam is given in Table 6-3. To calculate the effective prestress, the tensile stresses induced 

by the dead and decompression load shall be equal to the compression stresses induced by the 

prestressing force and eccentricity. Table 6-3 provides the total prestress losses and effective 

prestress on the day of testing for each girder.  

The prestress losses evaluation using VWSGs was more consistent than that using the 

decompression method. Note that the decompression method requires some subjectivity in 

determining the decompression load. In this research, the preferred method of measuring prestress 

losses was VWSGs, and the values obtained were used for further analysis. 

 
(a) before unloading specimen 

 
(b) after unloading specimen 

Figure 6-20 First flexural crack 
 

Measured prestress losses using VWSGs were compared with values obtained by the 

AASHTO approximate method as shown in Table 6-4. VWSGs readings immediately after 

releasing the strands (before casting the deck slab) were used to determine the stress losses caused 

by elastic shortening. Both estimated / measured elastic shortening losses and estimated / measured 

total losses are presented in Figure 6-22. The estimated total prestress losses by AASHTO 



96 

approximate method were found to be on average 25.3% greater than the measured values, Table 

6-4. In other words, AASHTO approximate method was conservative in predicting the prestress 

losses of 0.6-in.-diameter HSSS strands. As mentioned previously, the prestress loss estimation of 

HSSS strands was not the main objective of this work. Therefore, a more detailed study is 

recommended to determine the total prestress loss estimation of both HSSS strand sizes and 

determine the applicability of AASHTO equations to predict the prestress losses for HSSS strands. 

 

 
Figure 6-21 Load-strain relationship for decompression method (gages S14 and S16 were 

installed on opposite sides of the crack) 
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Table 6-3 Prestress losses of HSSS strands using decompression method  

Specimen Jacking stress 
(ksi) 

Average 
decompression 

load (kip) 

Total losses 
(ksi) 

Effective 
prestress (ksi) 

Effective / 
jacking stresses 

Beam E1 

156.5 

85 19.9 136.7 87.3% 
Beam E2 70 26.7 129.8 83.0% 
Beam E3 70 26.2 130.3 83.2% 
Beam E4 74 28.0 128.6 82.1% 
Beam E5 58 22.3 137.2 85.7% 

 
 

 
Figure 6-22 Estimated / measured elastic shortening and total prestress losses 

Table 6-4 Comparison of prestress losses 

Specimen 
VWSGs 

(ksi) 
Decompression 

method 
(ksi) 

AASHTO 
LRFD 
(ksi) 

AASHTO	LRFD
VWSGs  

AASHTO	LRFD
Decompression	

method

 

Girder E1 18.9 19.9 22.2 1.178 1.116 

Girder E2 18.3 26.7 23.0 1.262 0.861 

Girder E3 17.6 26.2 20.1 1.146 0.767 

Girder E4 15.2 28.0 20.1 1.327 0.718 

Girder E5 13.1 22.3 17.7 1.354 0.794 
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6.3.4 Experimental results 

The mid span load-deflection curves of all five girders are shown in Figure 6-23. The flexural 

behavior of any prestressed concrete girders can be divided into two regions, separated by the 

formation of the first flexural crack. All girders behaved linearly up to the formation of the first 

flexural crack. The cracking load was determined by visual observation of the specimen while 

loading. Once a crack was observed, the load was halted and documented, and the crack was 

marked. The cracking load increased when the girders had a higher reinforcement ratio. After 

initiation of the first flexural crack, all girders behaved nonlinearly up to failure. The post-cracking 

behavior continued to increase up to failure with no discernible plateau. This response is attributed 

to the stress-strain behavior of HSSS strands. Analysis of this phenomenon revealed that the 

flexural behavior of a member prestressed with HSSS strands is fundamentally different than when 

prestressed with carbon steel strands. 

 
Figure 6-23 Load-midspan deflection relationship for second set of girders 

In general, all five girders had similar stiffness before cracking. However, after cracking, the 

stiffness of all girders decreased, and the reduced stiffness was maintained. Flexural cracks were 

initiated in the beginning of the inelastic stage. Initially, flexural cracks occurred in the constant 

moment region (between loading points). Further increase in load resulted in the formation of 

several cracks beyond the constant moment region. After failure of each girder, the flexural cracks 

along the girder were mapped, Figure 6-24. All girders exhibited well-distributed flexural cracking 

before failure. The crack spacing was larger for specimens with a lower reinforcement ratio. More 
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cracks extended beyond the constant moment region as the reinforcement ratio increased; those 

girders exhibited higher curvatures and failed at large loads and deflections. Even though all 

girders failed by rupturing of all the HSSS strands, they exhibited adequate warning before failure 

by achieving large deflection and exhibiting many flexural cracks. The bottom layer of HSSS 

strands was instrumented with shaft gages to monitor slippage. Slippage of strands was nonexistent 

in all of the specimens. 

The load-deflection relationship is dependent on the reinforcement ratio. Note that the 

reinforcement ratio refers here to the total area of HSSS prestressing strands divided by bd, where 

the width of the deck slab (b) was 24 in., and the depth from the top fiber to the bottom layer of 

strands (d) was 41 in. The reinforcement ratio of the first set (Girder E1 and Girder E2), second 

set (Girder E3 and Girder E4), and third set (Girder E5) was 0.257%, 0.210%, and 0.164%, 

respectively. As the reinforcement ratio increased, larger cracking load and ultimate load were 

obtained, as shown in Table 6-5.  

 The largest capacity and deflection at failure were recorded for Girders E1 and E2, which had 

the highest reinforcement ratio. Conversely, the smallest capacity and deflection at failure were 

recorded for Girder E5, which had the lowest reinforcement ratio. When the reinforcement ratio 

increased by 22.2%, 28.6% and 57.1%, the cracking load increased by 19.1%, 23.1% and 46.6%, 

and the failure load increased by 21.7%, 28.0% and 55.8%, respectively. Experimental results 

showed a linear correlation between reinforcement ratio and cracking and ultimate loads as shown 

in Figure 6-25. However, the effect of an increased reinforcement ratio is more pronounced on the 

ultimate capacity, where the increase in slope is larger for failure load compared to that for 

cracking load. 

Girders prestressed with a higher reinforcement ratio achieved larger deflections at cracking 

and ultimate loads as shown in Figure 6-26. 

The behavior of the five girders was studied at service level and at ultimate level. The following 

sections include a discussion and comparison of the experimental results. 
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(a) Girder E1 

 
(b) Girder E2 

 
(c) Girder E3 

 
(d) Girder E4 

 
(e) Girder E5 

Figure 6-24 Tested girders at failure (second set of girders) 
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Table 6-5 Flexural test results of second set of girders 
Events Service load (68.1 kips) Cracking load Failure load 

Specimen Load (kips) Deflection 
(in) Load (kips) Deflection 

(in) Load (kips) Deflection 
(in) 

Girder E1 68.10 0.219 118.19 0.416 226.82 5.282 
Girder E2 68.10 0.224 117.56 0.408 223.67 4.972 
Girder E3 68.10 0.207 100.30 0.334 185.94 4.342 
Girder E4 68.10 0.218 97.58 0.315 184.18 4.239 
Girder E5 68.10 0.222 80.40 0.270 144.60 3.823 

 

 
Figure 6-25 Reinforcement ratio vs. cracking and ultimate loads 

 
Figure 6-26 Reinforcement ratio vs. deflection at cracking and ultimate loads 
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6.3.4.1 Service behavior of girders 

All five girders were designed as a fully prestressed section; thus, under service load 

moment, they should remain free from cracks, and their deflections should be the same. The service 

load for deflection control was 701 kip-ft, which was calculated based on maximum dead load and 

live load moments induced on the bridge prototype described in Section 4.3.1. This 701 kip-ft 

service load moment is achieved by applying a 68.1-kip load to the test setup in this study. Note 

that the deck slab width was reduced from 6 ft to 2 ft for the specimens used in this study; therefore, 

the calculated service load is overestimated (conservative). According to AASHTO LRFD Bridge 

Design Specifications (AASHTO 2.5.2.6), the allowable maximum vehicular load deflection is 

defined as the length of the span divided by 800, which equals 0.6 in. in this study (2017). Figure 

6-27a shows the deflections along the length of girders under service load. The midspan deflection 

at 68.1 kips is given in Table 6-5. The midspan deflection was 36.5%, 37.3%, 34.5%, 36.3%, and 

37.0% of the allowable deflection for Girders E1-E5, respectively. 

Experimental results showed that the cracking moment of all girders was greater than the 

service load moment (701 kip-ft). From a serviceability point of view, the prestressed concrete 

girder is in the serviceability region if it is not cracked; the serviceability region finishes with the 

initiation of the first flexural crack. Therefore, in this study, the cracking load was treated as service 

load, and deflection at that load was compared with the allowable deflection specified by 

AASHTO LRFD. The first flexural crack was observed at moments (including effect of self-

weight) equal to 1127.2, 1122.9, 975.2, 952.0 and 806.0 kip-ft for Girders E1-E5, respectively. 

Figure 6-27b shows the deflections along the length of the girders under cracking load. The mid 

span deflections at cracking loads are given in Table 6-5, which were lower than the allowable 

amount. The mid span deflection was 69.3%, 67.9%, 55.7%, 52.5%, and 45.0% of the allowable 

deflection for Girders E1-E5, respectively. 

6.3.4.1 Ultimate behavior of girders 

The required moment for strength design was 1470 kip-ft, which was calculated based on 

maximum dead load and live load moments induced on the bridge prototype described in Section 

4.3.1. Note that the required moment was governed by the AASHTO LRFD minimum 

reinforcement requirements (2017). Because all five girders failed due to rupture of strands, a 

strength reduction factor of 0.75 was used in the calculation of flexural strength of the tested 

girders. The experimental ultimate moment strength (including moment due to self-weight) was 
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2051, 2024, 1703, 1688 and 1352 kip-ft for Girders E1-E5, respectively. Applying the strength 

resistance factor, the experimental flexural strength was 1538, 1518, 1277, 1266 and 1014 kip-ft 

for Girders E1-E5, respectively.  

 

 
Figure 6-27 Deflection along length of the specimen 

 

Note that the deck slab width was reduced from 6 ft in the bridge prototype to 2 ft for the 

specimens used in this study. Even though the slab width was reduced by 4 ft, Girders E1 and E2 



104 

had higher flexural strength than required for the original section. Note that both the original 

section and Girders E1 and E2 had the same number of strands, 11. The increase in the 

experimental flexural strength of the tested girders is attributed to two factors. First, the mechanical 

properties of the HSSS strands used in the tested girders were larger than those mechanical 

properties specified by ASTM A1114, which were used to design the original section. Second, the 

concrete compressive strength for the deck slab was approximately 44% greater than the specified 

one. Even though HSSS strands have low ductility, the girders exhibited large deflection at failure. 

All tested girders had an ultimate deflection in the range of L/125 to L/90; the denominator value 

decreases as the reinforcement ratio increases. Figure 6-27c shows the deflections along the length 

of the girders under ultimate load. 

In this study, all five girders were designed to fail by rupturing the HSSS strands and to ensure 

that the concrete in the compression zone reaches considerable inelastic stresses. Concrete top 

fiber compressive strain was monitored during the tests by six strain gages in the constant moment 

region. The concrete compressive strain at the extreme fiber was expected to be less than 3000 

microstrain because all five girders were designed to fail by rupturing of strands. The concrete at 

the top fiber exhibited inelastic stresses before failure of all five girders, and the strain at failure 

was 2430, 2216, 1926, 1883, and 1516 microstrain for Girders E1-E5, respectively (Figure 6-28). 

 
Figure 6-28 Load-top fiber strain relationship for second set of girders 
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6.3.4.2 Failure mode 

The failure mode of concrete members prestressed with HSSS strands depends primarily on 

the longitudinal prestressing ratio and secondarily on the concrete compressive strength. Balanced 

reinforcement ratio distinguishes between rupture of strand and crushing of concrete failure modes. 

All five girders had a reinforcement ratio less than the balanced reinforcement ratio, which 

anticipated a rupture of strands failure. The failure of all five girders occurred due to rupture of 

HSSS strands while the concrete at the compression zone was still intact as shown in Figure 6-24. 

Although rupture of prestressing strand is less desirable, the tested girders provided adequate 

warning before failure, where many cracks formed in the mid span region as shown in Figure 6-24. 

In cases where HSSS strands are used as the primary longitudinal strands in prestressed I-

girders, crushing of concrete failure mode may result in high deformability and strength compared 

to the same I-girder designed to fail due to rupture of strands. However, crushing of concrete failure 

mode is less economical compared to rupture of strands failure mode because more strands would 

be needed to achieve crushing of concrete failure mode. In this study, all five girders failed due to 

rupture of strand; two of them (Girders E1 and E2) satisfied all the limit states. Therefore, the 

increase in deformability and strength between rupture of strand failure mode and crushing of 

concrete failure mode is not needed. In conclusion, based on the experimental results and 

observations of girders at failure, rupture of HSSS strands is the recommended failure mode in the 

design of pretensioned concrete I-girders utilizing HSSS strands. 

6.3.4.3 Ductility 

Ductility is defined as the ability of the member to sustain inelastic deformation before failure. 

Deformation can be expressed in terms of deflection, strain, or curvature. Deflection at mid span 

was measured during testing. Ductility was calculated based on the ratios of deflection at failure 

load to the corresponding value at cracking load. The mid span deflection at failure for Girders 

E1-E5 was 12.7, 12.2, 13.0, 13.5, 14.2 times deflection at cracking, respectively. The spread 

between the cracking load and failure load can also be used as a measure for ductility. The larger 

the spread, the more ductile the member. The failure load for Girders E1-E5 was 1.92, 1.90, 1.85, 

1.89, 1.80 times the cracking load, respectively. 

6.4 Summary 

Twelve full-scale 42-ft-long AASHTO Type II girders were tested in flexure. Ten girders were 

prestressed with 0.6-in.-diameter HSSS strands, and two girders were prestressed with 0.6-in.-
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diameter carbon steel strands. Based on the results obtained from this experimental program, the 

following conclusions are drawn. 

1. Both girders prestressed with HSSS and carbon steel strands exhibited linear behavior 

up to the initiation of the first crack. The post-cracking behavior of girders prestressed 

with HSSS strands continued to increase up to failure with no discernible plateau, 

which is different compared to girders prestressed with carbon steel strands. The 

differences in the post-cracking behavior are attributed to the differences in mechanical 

properties between the two strands. 

2. The flexural stiffness was higher for the girder prestressed with HSSS strands 

compared to the girder prestressed with carbon steel strands (control) when both girders 

had the same initial prestressing force. The flexural strength of the non-composite and 

composite girders prestressed with HSSS strands was approximately 11.7% and 23.7% 

higher, respectively, than girders prestressed with carbon steel strands. This increase is 

attributed to the increase in the reinforcement ratio in the HSSS girders. 

3. The flexural strength of the girder prestressed with HSSS strands was increased by 

17.5% when the reinforcement ratio was increased by 18.2%, which is equivalent to 

the increase in the initial prestressing force. 

4. The flexural strength of the girder decreased approximately 15% when the shear 

reinforcement was replaced on a one-to-one basis from stainless steel rebar to GFRP 

rebar. 

5. Under the service limit state, the mid span deflection at cracking loads for all composite 

girders prestressed with HSSS strands were lower than the allowable deflection 

specified by AASHTO LRFD Bridge Design Specifications (AASHTO 2.5.2.6). 

6. At ultimate load, all composite girders prestressed with HSSS strands had ultimate 

deflection ranging from L/125 to L/84; the denominator value decreases as the 

reinforcement ratio increases. 

7. Rupture of the HSSS strands controlled the flexural behavior of all composite girders 

prestressed with HSSS strands. The girders exhibited large deflection and many 

flexural cracks at failure. Regardless of failure mode, girders prestressed with HSSS 

strands can achieve ultimate capacity and deformability as high as those prestressed 

with carbon steel strands.  Therefore, based on these experimental results, the 
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recommended failure mode of I-girders prestressed with HSSS strands is rupture of 

strand. 

8. The measured prestress loss for carbon steel and HSSS strands was 10.5% and 13.0%, 

respectively, of the initial stress. Therefore, it can be concluded that HSSS strands 

exhibited greater prestress losses than carbon steel strands. 

9. The AASHTO LRFD approximate method conservatively estimated prestress losses of 

HSSS strands, on average 25.3% greater than the measured values. Until further 

studies, AASHTO equations can be used to estimate the prestresses losses of HSSS 

strands. 
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CHAPTER 7 PREDICTION OF EXPERIMENTAL FLEXURAL RESULTS 
 

7.1  Introduction 

This chapter provides an overview of the developed analytical and iterative numerical models. 

The experimental flexural strengths were compared with values obtained using the developed 

analytical model, modified AASHTO LRFD equations, and developed iterative numerical model. 

Experimental results from composite Girders A3, C3, and E1-E5 were included in the 

comparison in this chapter because their flexural behaviors were not influenced by other 

parameters. 

7.2 Analytical model 

A nonlinear iterative sectional analysis model was developed to determine the moment-

curvature relationship for any prestressed concrete section. These basic assumptions were 

considered in developing the model: 

1. plane sections remain plane after bending; 

2. bond slip between HSSS strands and concrete is assumed to be negligible; and 

3. failure of the flexural member takes place when the concrete strain reaches a crushing 

strain of 0.003 or the HSSS strands reach their ultimate strain (Table 3-5). 

To develop the moment-curvature relationship, it is necessary to use good approximations for 

the stress-strain models of concrete and prestressing strands. Concrete in compression was 

modeled following (Collins and Mitchell 1991), which is given in Equations 7-1 through 7-5.  

𝑓! = b 5	(T?@ T?A⁄ )
5[*S(T?@ T?A⁄ )BC

d 𝑓!" Equation 7-1 

𝜀!" =
%?A

=?

5
5[*

	 Equation 7-2 

𝑘 = 	 t
1 𝑖𝑓	𝜀!% 	< 𝜀!"

	0.67 + %?A

QOOO
𝑖𝑓	𝜀!% 	≥ 𝜀!"

	 Equation 7-3 

𝑛 = 0.8 +	 %?A

VUOO
 Equation 7-4 

𝐸! = 40,000z𝑓!" + 1,000,000 Equation 7-5 

where 𝜀!% is concrete compressive strain; 𝑓! is concrete compressive strength at 𝜀!% (psi); 𝑓!" is 

concrete compressive strength (psi); 𝜀!"  is strain corresponding to compressive stress; k and n are 

factors; and 𝐸! is the elastic modulus of concrete (psi). Concrete in tension was modeled following 

(Belarbi and Hsu 1994), which is given in Equations 7-6 through 7-8. 
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𝑓!- = 4z𝑓!" Equation 7-8 

where 𝜀# is concrete tensile strain; 𝑓# is concrete tensile stress at 𝜀# (psi); 𝜀!- is cracking strain 

of concrete in tension; and 𝑓!- is cracking stress of concrete in tension (psi). Once the moment-

curvature function was created, the moment-area method was used to generate the load-deflection 

curve. 

A brief description of the iterative model to generate the moment-curvature for the section is 

as follows: 

1. the section was divided into 0.25-in.-thick layers; 

2. the top fiber strain was selected, and the neutral axis location was assumed randomly; 

3. the strain in each layer was calculated based on linear strain distribution; 

4. the stress in each layer was calculated from the strain using the stress-strain models of 

the concrete and HSSS strands; 

5. the neutral axis depth was solved by iterating steps 2 through 4 until force equilibrium 

was achieved; and 

6. the curvature of the section was calculated using selected top fiber strain (step 2) and the 

calculated neutral axis depth (step 5), and the corresponding bending moment was 

determined by summing forces about any point along the depth of the section; and 

7. the iteration was terminated if the concrete and/or HSSS strands reach their ultimate 

strain, otherwise go to step (2) and increase the top fiber strain for the next iteration. 

7.2.1 Validation of analytical model 

The analytical model was validated by comparing it to the results from the experimental 

programs. 

7.2.1.1 First set of girders 

The analytical flexural strength for Girder A3 was calculated using the stress-strain equation 

for carbon steel strands given in PCI Design Handbook (2010), concrete compressive strength on 

testing day given in Table 4-6, and measured prestress losses given in Figure 6-9. Figure 7-1 shows 

the experimental and calculated load-deflection relationships at mid span for Girder A3. Note that 
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Girder A3 was loaded up to 231.4 kips, until the load-deflection curve plateaued, which indicated 

that the carbon steel strands yielded. Analytical calculations indicated that the strains in the bottom 

layer of strands at 231.4 kips and at failure load were 1.86% (greater than yield strain of 1.0%) and 

2.82% (lower than the minimum specified ultimate strain of 3.5% by ASTM A416), respectively. 

Six strain gages were installed on the top fiber of the slab in the constant moment region. The 

measured concrete top fiber strain at 231.4 kips was 2064 microstrain as shown in Figure 7-2; the 

analytical concrete top fiber strain was 2000 microstrain. Analytical results revealed that if Girder 

A3 had been loaded up to failure then it would have failed by crushing of concrete in the 

compression zone. The predicted failure load and deflection was 232.8 kips and 5.376 in., 

respectively. 

 
Figure 7-1 Experimental and analytical load-deflection relationships of Girder A3 
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Figure 7-2 Experimental load-concrete top fiber strain relationship for Girders A3 and C3 

The analytical moment-curvature relationship for Girder C3 was calculated using the stress-

strain model given in Equation 3-1 after substituting coefficients from Table 3-8 and mechanical 

properties from Table 3-5, concrete compressive strength on testing day given in Table 4-6, and 

measured prestress losses given in Figure 6-9. The experimental and analytical load-deflection 

relationships at mid span for Girder C3 is shown in Figure 7-3. The measured concrete top fiber 

strain at failure load was 3009 microstrain as shown in Figure 7-2. ACI 318-19 assumes the 

ultimate concrete strain as 3000 microstrain. Even though the measured concrete top fiber strain 

was slightly higher than the ultimate specified value, Girder C3 failed by rupturing of all HSSS 

strands. The increase in concrete strain could be attributed to the confinement effect from the 

bearing pad and reinforcement in the deck slab. The analytical concrete top fiber strain was 2650 

microstrain when the bottom layer of HSSS strands reached their ultimate tensile strain. The 

predicted ultimate load and deflection were 283.4 kips and 5.326 in., which were 99.0% and 93.6% 

of the experimental ultimate load and deflection, respectively. Figure 7-4 presents the experimental 

and analytical deflections along the length of Girder C3 at failure load. The analytical results 

showed good agreement with experimental results.  

Analytical results revealed that even though Girder C3 failed by rupturing of all HSSS strands, 

it performed well in terms of capacity as well as deformability compared to Girder A3. The 

prestressing reinforcement ratio of Girder C3 was approximately 25.3% higher than that of Girder 
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A3, which was reflected in the analytical ultimate failure capacity of Girder C3 being 20.4% 

greater than that of Girder A3. 

 
Figure 7-3 Experimental and analytical load-deflection relationships of Girder C3 

 
Figure 7-4 Experimental and analytical deflections along Girder C3 at failure load 

7.2.1.2 Second set of girders 

The measured and predicted load-midspan deflection responses for Girders E1-E5 are 

compared in Figure 7-5 and are in good agreement. The analysis of Girders E1-E5 predicted a 

flexural strength of 1990, 1993, 1673, 1672 and 1319 kip-ft, respectively. The predicted flexural 

strength of Girders E1-E5 was 97.0%, 98.5%, 98.2%, 99.0%, and 97.5%, respectively, of those 

measured experimentally. The analytical flexural strengths for Girders E1-E5 were calculated 

using the stress-strain model given in Equation 3-1 after substituting coefficients from Table 3-8, 

measured elastic modulus from Table 3-5, concrete compressive strength on testing day given in 
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Table 4-12, and measured prestress losses given in Table 6-2. The analytical model underestimated 

the deflection at failure for Girders E1 and E2; however, it accurately predicted the deflection at 

failure for the other girders (Figure 7-5). In addition, the measured and predicted moment-to-top 

fiber strain for Girders E1-E5 are compared in Figure 7-6 and are in good agreement. The analysis 

of Girders E1-E5 predicted concrete top fiber strain of 2160, 2110, 1825, 1810, and 1600 

microstrain at failure, respectively. The predicted concrete top fiber strains of Girders E1-E5 were 

87.9%, 93.7%, 93.8%, 95.8%, and 99.9%, respectively, of those measured experimentally. 

Based on the aforementioned discussion, it was concluded that the results of the analytical 

model were remarkably close to the experimental results. 

 
Figure 7-5 Comparison of experimental and analytical load-deflection curves 
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Figure 7-6 Comparison of experimental and analytical moment-top fiber strain curves 

7.2.2 Prediction of flexural moment using ASTM A1114 values 

The analytical model was validated; therefore, it is reasonable to extend its use to model 

specimens with different mechanical properties of the stainless steel strands (such as those 

specified by ASTM A1114). 

As mentioned before, the measured mechanical properties of HSSS strands used in the study 

were greater than those specified by ASTM A1114 (Table 3-5). Note that bridge designers should 

always use guaranteed mechanical properties of stainless steel strands in the design of stainless 

steel prestressed concrete members. Utilizing the mechanical properties specified by ASTM 

A1114, the predicted flexural strength of Girders E1-E5 was 1869, 1873, 1574, 1574, 1247 kip-ft, 
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respectively—less than the predicted strengths when measured mechanical properties were used, 

as expected. The predicted flexural strengths of Girders E1-E5 using ASTM A1114 were 91.1%, 

92.5%, 92.4%, 93.2%, and 92.2%, respectively, from those measured experimentally. Figure 7-7 

presents comparisons between the experimental moment, analytical moment calculated using 

measured mechanical properties of HSSS strands, and analytical moment calculated using 

mechanical properties specified by ASTM A1114. 

 
Figure 7-7 Predicted flexural moment using analytical model 

7.2.3 Parametric study 

The validated analytical model was used to conduct parametric studies to further 

understand/investigate the flexural behavior of concrete members prestressed with HSSS strands. 

7.2.3.1 Effect of mechanical properties of HSSS strands 

A parametric study was conducted to investigate the effect of mechanical properties of HSSS 

strands on behavior and capacity of members. The design variables were prestressing 

reinforcement ratio and mechanical properties of HSSS strands. The selected reinforcement ratio 

covered both rupture of strand and crushing of concrete failure modes. Two sets of mechanical 

properties were used: measured and guaranteed. The selected reinforcement ratio is defined in 

terms of the balanced reinforcement ratio. The balanced reinforcement ratio (𝜌'')) is a function of 

concrete compressive strength and mechanical properties of HSSS strands, and it can be calculated 

using Equation 7-9. 
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𝜌'') = 0.85𝛽*
%?A

%56

T?6
T?6ST56[T58

  Equation 7-9 

where 

𝛽* = the ratio of the depth of equivalent rectangular stress block to the depth of neutral axis = 

0.712 

𝑓!" = concrete compressive strength = 6.76 ksi 

𝑓&2 = measured and guaranteed ultimate tensile stress of HSSS strands = 249.46 ksi and 240 

ksi, respectively 

𝜀&2 = measured and guaranteed ultimate tensile strain of HSSS strands = 0.0163 and 0.014, 

respectively 

𝜀&1 = effective strain in the HSSS strands due to prestress = 0.0058 

𝜀!2 = ultimate compressive strain of concrete = 0.003 

For measured mechanical properties, the selected prestressing reinforcement ratio (𝜌) ranged 

from 0.278𝜌'') to 1.222𝜌''), while for guaranteed mechanical properties, the selected prestressing 

reinforcement ratio (𝜌) ranged from 0.217𝜌'') to 1.174𝜌''). A total of 80 isolated analyses were 

completed. The outcomes of each analysis were analytical flexural strength and curvature for the 

selected prestressing reinforcement ratios and mechanical properties. 

Figure 7-8 shows the curvature in terms of reinforcement ratio for measured and guaranteed 

mechanical properties. For reinforcement ratios lower than the balanced reinforcement ratio, the 

failure mode is rupture of strand, while the failure mode is crushing of concrete for reinforcement 

ratios higher than the balanced reinforcement ratio. By increasing the reinforcement ratio, the 

curvature increased up to the balanced reinforcement ratio. This increase is attributed to the 

increase in the concrete top fiber strain at failure. The highest curvature can be achieved at the 

balanced reinforcement ratio because both concrete top fiber strain and HSSS strand strain are at 

their highest values. The curvature decreases for reinforcement ratios beyond the balanced 

reinforcement ratio. This decrease is attributed to the decrease in the strands’ strain at failure. The 

rate of curvature change is higher for reinforcement ratios beyond the balanced reinforcement ratio 

compared to those below the balanced reinforcement ratio as shown in Figure 7-8. The ultimate 

curvature was higher when measured mechanical properties were used because the measured 

ultimate strain of HSSS strands was 16% greater than the guaranteed ultimate strain. The ultimate 

curvature at the balanced condition using measured mechanical properties was 22% greater than 
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that using guaranteed mechanical properties. The overall behavior of the ultimate curvature-

reinforcement ratio relationship did not change when different mechanical properties for HSSS 

strands were used. 

 
Figure 7-8 Predicted curvature as a function of prestressing reinforcement ratio and mechanical 

properties of HSSS strand 

The flexural strength increased with increasing reinforcement ratio as shown in Figure 7-8. 

Mechanical properties of HSSS strands also influence the capacity of members. The flexural 

strength was greater when measured mechanical properties were used compared to guaranteed 

mechanical properties as shown in Figure 7-9.  

7.2.3.2 Desired failure mode for I-girders prestressed with HSSS strands 

In this parametric study, the desired failure mode for I-girders was investigated using the 

reinforcement ratio (𝜌) as the variable, ranging from 0.217𝜌'') to 1.174𝜌'')., which covers both 

rupture of strand and crushing of concrete failure modes. A concrete compressive strength of 6.44 

ksi was used for the deck slab. The cross section was similar to that of the tested girders. The 

guaranteed mechanical properties specified by ASTM A1114 were used, to reflect the values that 

designers would use. The effective stress was 139.2 ksi. 
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Figure 7-9 Predicted flexural strength as a function of prestressing reinforcement ratio and 

mechanical properties of HSSS strand 

As shown in Figure 7-10, the same curvature can be achieved for two different reinforcement 

ratios, one less than balanced reinforcement ratio (rupture of strands failure) and one larger than 

the balanced reinforcement ratio (crushing of concrete failure). Figure 7-11 demonstrates this 

observation for curvature equal to 0.000262 (1/in.), using guaranteed mechanical properties of 

HSSS strands. The slope of the strain distributions is equal; however, the top and bottom strains 

are different (Figure 7-11). The number of HSSS strands was 14 and 21 for the less-than-balanced 

and larger-than-balanced reinforcement ratios, respectively, which is equivalent to prestressing 

reinforcement areas of 3.234 inP

2
P and 4.851 inP

2
P, respectively. Thus, to change the failure mode 

from rupture of strand to crushing of concrete, the number of HSSS strands was increased by seven 

strands (or prestressing reinforcement area increased by 50%). Adding seven more HSSS strands 

resulted in a 38% increase in the moment strength. The layout of the HSSS strands for less-than-

balanced and more-than-balanced sections is shown in Figure 7-12. Analytical moment-curvature 

plots for both sections are presented in Figure 7-13. Note that the rate of increase in moment after 

cracking is slightly greater in crushing of concrete failure mode compared to that of rupture of 

strand failure mode. Because the layout of the moment-curvature relationship did not significantly 

change when the failure mode was changed from rupture of strand to crushing of concrete, and 

both failure modes have the same ultimate curvature, the ultimate deflections of both sections are 

expected to be roughly the same. 
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Figure 7-10 Curvature normalized reinforcement ratio for I-girders with guaranteed mechanical 
properties of HSSS strands 

 

Figure 7-11 Analytical strain distribution for crushing of concrete and rupture of strand failures 
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Figure 7-12 Cross sections of two girders: 14 HSSS strands with rupture of strands failure and 21 

HSSS strands with crushing of concrete failure 

 
Figure 7-13 Analytical moment-curvature relationship for crushing of concrete and rupture of 

strand failure modes 

Figure 7-14 presents the analytical deflection along the 40-ft-long girders at failure loads. The 

loading scheme was four-point bending, where the point load is 17 ft from the support. Figure 7-15 

shows the load-deflection relationship for both sections at mid span. The ultimate deflection at mid 

span was 7.3% greater, and the flexural strength was 38.3% greater, for the section that failed by 

crushing of concrete than for the section that failed by rupture of strands. Although more strength 

was achieved with the addition of seven strands, if the additional strength were not needed, then 

one could argue that it is not worth the expense to gain only 7.3% more deflection. 
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Figure 7-14 Analytical deflections along girders at failure, for crushing of concrete and rupture 
of strand failure modes 

 
Figure 7-15 Analytical load-deflection relationship, for crushing of concrete and rupture of 

strand failure modes 
 

Analytical results revealed that concrete girders designed to fail due to rupture of strand can 

exhibit large deflection at failure load. The deflection of 3.94 in. at mid span in Figure 7-14 will 

be accompanied by many flexural cracks, giving warning before the member reaches its capacity. 

Designing for crushing of concrete failure mode may not be necessary unless it is controlled by 
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strand failure mode is more economical than crushing of concrete failure mode because the same 

curvature can be achieved in both failure modes. In conclusion, the recommended failure mode for 

I-girders is rupture of HSSS strands. 

7.2.3.3 Comparison of HSSS strands and carbon steel strands in I-girders 

A parametric study was conducted to investigate the effect of the type of prestressing 

reinforcement on ultimate curvature (deformability) and flexural capacity of members. The cross 

section of the member was similar to that of the tested girders. The design variables were 

prestressing reinforcement ratio, r, and type of prestressing reinforcement, carbon steel and HSSS. 

The selected reinforcement ratio ranged from 0.13% to 0.54%. Reinforcement ratio refers to the 

total area of prestressing reinforcement divided by bd, where the width of the deck slab (b) was 24 

in., and the depth from the top fiber to the prestressing strand (d) was 40 in. A total of 84 isolated 

analyses were completed. The outcomes of each analysis were analytical flexural strength and 

curvature. As mentioned previously, HSSS strands have lower elastic modulus, as well as lower 

ultimate stress and strain, than carbon steel strands. Lower ultimate strain of HSSS strands 

influences the failure mode and ultimate curvature of the members. Lower ultimate stress of HSSS 

strands influences the ultimate capacity of the members.  

Figure 7-16 shows the neutral axis depth in terms of prestressing reinforcement ratio for both 

carbon steel and HSSS strands. For members prestressed with carbon steel strands, the neutral axis 

depth increased linearly with increasing prestressing reinforcement ratio, and failure mode was 

crushing of concrete in the compression zone, which means that the top fiber strain was always 

equal to 0.003. The strain in the prestressing strands at ultimate strength decreases with increasing 

reinforcement ratio. Thus, curvature decreases when the prestressing reinforcement ratio increases 

as shown in Figure 7-17. For members prestressed with HSSS strands, the neutral axis depth 

increased with prestressing reinforcement ratio. However, the rate of neutral axis change is higher 

for reinforcement ratios beyond the balanced reinforcement ratio compared to those below the 

balanced reinforcement ratio as shown in Figure 7-16. Balanced reinforcement ratio is the ratio at 

which the member fails simultaneously due to rupture of strand and crushing of concrete. For a 

reinforcement ratio lower than the balanced reinforcement ratio, the strain in the HSSS strands is 

equal to its ultimate strain of 0.014, and the concrete strain in the extreme compression fiber is 

lower than its assumed ultimate strain of 0.003. The concrete strain in the extreme compression 

fiber increases by increasing the reinforcement ratio up to the balanced reinforcement ratio. Thus, 
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curvature increases with an increasing reinforcement ratio up to the balanced reinforcement ratio.  

For a reinforcement ratio greater than the balanced reinforcement ratio, the concrete strain in the 

extreme compression fiber is always equal to 0.003, and the strain in the HSSS strands is lower 

than 0.014. The strain in the HSSS strands decreases by increasing the reinforcement ratio beyond 

the balanced reinforcement ratio. Therefore, curvature decreases for a reinforcement ratio greater 

than the balanced reinforcement ratio. 

 

 

Figure 7-16 Analytical neutral axis depth vs. reinforcement ratio, for girder with carbon steel 
strands and girder with HSSS strands 

 

Figure 7-17 shows the curvature in terms of reinforcement ratio for both girders prestressed 

with carbon steel and HSSS strands. Girders prestressed with carbon steel strands had higher 

curvature than those prestressed with HSSS strands up to a reinforcement ratio of 0.43. The 

difference in curvatures decreases when the reinforcement ratio increases as shown in Figure 7-17. 

For a wide range of reinforcement ratios, achieving curvatures in girders prestressed with HSSS 

strands as high as those in girders prestressed with carbon steel strands might not be possible. 
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Figure 7-17 Analytical curvature vs. reinforcement ratio, for girder with carbon steel strands and 
girder with HSSS strands 

 

Figure 7-18 shows the relationship of flexural strength with reinforcement ratio for girders 

prestressed with carbon steel and HSSS strands. The flexural strength increased with increasing 

reinforcement ratio. Ultimate stress in the strands influences the capacity of the members. Girders 

prestressed with carbon steel strands had greater flexural strengths than those prestressed with 

HSSS strands. The difference in flexural strength increased for higher prestressing reinforcement 

ratio (reinforcement ratio greater than balanced reinforcement ratio). This increase is attributed to 

a decrease in the stress of HSSS strands at failure (lower than ultimate stress of 240 ksi) because 

the failure mode is crushing of concrete. The same flexural strength can be achieved in the girder 

with HSSS strands by increasing the reinforcement ratio. 
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Figure 7-18 Analytical flexural strength vs. reinforcement ratio, for girder with carbon steel 

strands and girder with HSSS strands 
 

Figure 7-19 shows the relationship between initial prestressing force with the reinforcement 

ratio for girders prestressed with carbon steel and HSSS strands. For girders with the same 

reinforcement ratio, the girder with the HSSS strands will have a lower initial prestressing force 

because of the lower jacking force that is allowed, compared to the girder with carbon steel strands. 

However, the same initial prestressing force can be achieved in the girder with HSSS strands by 

increasing the reinforcement ratio. When making comparisons between girders with HSSS and 

carbon steel strands, it is important to establish the same initial prestressing force in the girders. 

Figure 7-20 compares two girders with the same initial prestressing force. One girder has 11 

carbon steel strands stressed to 44 kips, and the other girder has 13 HSSS strands stressed to 37.2 

kips. The girder prestressed with HSSS strands failed due to rupture of strands, while the girder 

prestressed with carbon steel strands failed due to crushing of concrete. Because of the limited 

ultimate strain of HSSS strands, the girder with HSSS strands had less curvature compared to the 

girder with carbon steel strands. Although the ultimate stress of HSSS strands is lower than for 

carbon steel strands, their larger area and number resulted in a larger total prestressing force at 

failure (Apsfps), which resulted in a higher flexural strength. Analytical moment-curvature for both 

sections is presented in Figure 7-21. It can be seen in Figure 7-21 that the rate of increase in 

moment after cracking is greater in girder prestressed with HSSS strands because of the larger total 

prestressing force; however, the curvature at failure was lower because of the limited strain in the 
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HSSS strands. Because the layout of the moment-curvature relationship is different between girder 

prestressed with carbon steel and girder prestressed with HSSS strands (ultimate curvature is larger 

in girder prestressed with carbon steel strands), the deflection along the girder at failure in girder 

prestressed with carbon steel strands is expected to be larger than that in girder prestressed with 

HSSS strands. 

 
Figure 7-19 Analytical initial prestressing force vs. reinforcement ratio, for girder with carbon 

steel strands and girder with HSSS strands 
 

 
Figure 7-20 Cross sections of two girders: 11 carbon steel strands with crushing of concrete 

failure and 13 HSSS strands with rupture of strands failure 
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Figure 7-21 Analytical moment vs. curvature, for girder with carbon steel strands and girder with 

HSSS strands 

Figure 7-22 presents the analytical deflection along the 40-ft-long girders at failure loads. The 

loading scheme was four-point bending, where the point load is 17 ft from the support. The 

ultimate deflection at mid span was 3.94 in. for the girder prestressed with HSSS strands. The 

girder prestressed with carbon steel strands exhibited more deformability; the deflection was 4.71 

in., or 19.5% larger. Although the girder prestressed with HSSS strands failed due to rupture of 

strands, it exhibited large deflections, not as large as the girder prestressed with carbon steel 

strands. However, the 3.94-in. deflection of the girder with HSSS strands would be accompanied 

by many flexural cracks, giving warning before the member reaches its capacity. 

 
Figure 7-22 Analytical deflections along girders at failure, for girder with carbon steel strands 

and girder with HSSS strands 
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Figure 7-23 shows the load-deflection relationship for both sections at mid span. Although the 

deformability was less for the girder with HSSS strands, 12% more nominal flexural strength was 

achieved. Note that the resistance factors are not included here; girders with HSSS strands would 

require a lower resistance factor than for girders with carbon steel strands because of the brittle 

behavior of the HSSS strands. 

 
Figure 7-23 Analytical applied load vs. deflection, for girder with carbon steel strands and girder 

with HSSS strands 
7.3 AASHTO LRFD 

AASHTO LRFD Bridge Design Specifications were originally developed for concrete 

members prestressed with carbon steel strands, and HSSS strands have different mechanical 

properties compared to carbon steel strands. Experimental results were compared with the 

predicted values by AASHTO LRFD equations to verify their applicability for full-scale concrete 

girders prestressed with HSSS strands. 

Carbon steel strands have high ductility, so rupture of strands is an uncommon failure mode. 

AASHTO LRFD equations for flexural capacities were developed on the basis that carbon steel 

pretensioned concrete girders are designed to fail under ultimate load by crushing of concrete in 

the compression zone. AASHTO Equation 5.6.3.2.2-1, which is given in Equation 7-10, is used to 

compute the flexural capacity of the girder. The neutral axis depth (c) can be computed using 

AASHTO Equation 5.6.3.1.1-4, which is given in Equation 7-11. For low-relaxation strand, the 

value for k shall be taken equal to 0.28 (AASHTO Table C5.6.3.1.1-1). The average stress in the 

prestressing strand can be computed using AASHTO Equation 5.6.3.1.1-1, which is given in 
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Equation 7-12. According to AASHTO Section 5.6.2.2, the stress block factors, 𝛼* and 𝛽*, can be 

computed using Equations 7-13 and 7-14, respectively. 

𝑀5 = 𝐴&'𝑓&' Z𝑑&' −
+
V
[    Equation 7-10 

𝑐 = 		 757%56

\4%?A]4)S^757
@56
E5

	  Equation 7-11 

𝑓&' =	𝑓&2 b1 − 𝑘
!
.5
d	  Equation 7-12 

𝛽* = ~
0.85 𝑓!" ≤ 4

0.85 − 0.05(𝑓!" − 4) 4 < 𝑓!" ≤ 8
0.65 𝑓!" > 8

	  Equation 7-13 

𝛼* =	 �
0.75 𝑓!" ≤ 10

0.75 − 0.02(𝑓!" − 10) 𝑓!" > 10  Equation 7-14 

In this study, Girder A3 was prestressed with carbon steel strands. All needed input design 

variables for Girder A3 are given in Table 7-1. The neutral axis depth was found to be 5.63 in., 

where: the deck slab width (b) was 24 in.; distance from extreme compression fiber to the centroid 

of carbon steel strands (𝑑&) was 41.0 in.; tensile strength of carbon steel strands (𝑓&') was 259.6 

ksi; average concrete compressive strength for deck slab on testing day was 8.3 ksi; and stress 

block factors 𝛼* and 𝛽* were 0.85 and 0.65, respectively. The compression flange depth (a) equals 

𝛽*𝑐, which was found to be 3.66 in., less than the 8-in. flange depth (ℎ%). So, the section was 

correctly analyzed as a rectangular section. The predicted flexural moment strength of Girder A3 

was equal to 2,023 kip-ft, 96.6% of the experimental flexural strength of 2,095 kip-ft which 

includes the effect of the girder’s self-weight. 

Because girders prestressed with HSSS strands (C3, E1-E5) failed due to rupture of all HSSS 

strands, Equations 7-10 and 7-11 need to be modified as follows before they can be used to predict 

the flexural strength of Girders C3, and E1-E5. First, the average stress in the prestressing strands 

(𝑓&') shall be taken as the ultimate tensile strength (𝑓&2) of the HSSS strands because girders failed 

due to rupture of HSSS strands. Second, the second term in the denominator of Equation 7-11 

(𝑘𝐴&'
%57
.5

) shall be deleted. The modified version of Equations 7-10 and 7-11 for girders prestressed 

with HSSS strands are given in Equations 7-15 and 7-16, respectively.  

𝑀5 = 𝐴&'𝑓&2 Z𝑑&' −
]4!
V
[    Equation 7-15 
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𝑐 = 		 757%56
\4%?A]4)

	  Equation 7-16 

The flexural strength of girders prestressed with HSSS strands (Girders C3, and E1-E5) can be 

computed by applying the input parameters, which are given in Table 7-1, in the above equations.  

Table 7-1 also provides the procedure using numerical equations to calculate the flexural strength 

of the girders. The calculated flexural strength was 2500, 1934, 1940, 1634, 1634, and 1290 kip-

ft for Girders C3, E1, E2, E3, E4, and E5, respectively. The calculated flexural strengths for 

Girders C3, E1, E2, E3, E4, and E5 were 97.6%, 94.3%, 95.9%, 95.9%, 96.8%, and 95.4%, 

respectively, of the experimental strengths. Figure 7-24 presents comparisons of the experimental 

and numerical strengths. Although the modified AASHTO equations predicted well the 

experimental results, it has some limitations, as follows. First, it cannot be used for a section other 

than a rectangular one. Second, it cannot be used in sections where HSSS strands are distributed 

vertically along the depth of the section. Third, it cannot be used for a section with nonprestressed 

tension and compression reinforcement because stress in compression reinforcement might be 

overestimated by assuming its yielding value. Forth, stress block factors, 𝛼* and 𝛽*, are 

overestimated and may result, in some cases, in overestimation of the nominal flexural resistance 

of the member. 

Table 7-1 Calculation of flexural strength using modified AASHTO LRFD equations 
Variable Unit Girder  

 A3 
Girder 

C3 
Girder  

 E1 
Girder 

E2 
Girder 

E3 
Girder 

E4 
Girder 

E5 
b in. 24 
dps in. 41.00 41.15 39.18 39.18 36.67 36.67 39.86 
Aps in2 2.387 2.990 2.541 2.541 2.079 2.079 1.617 
fc’ ksi 8.30 6.84 6.44 6.76 7.44 7.44 7.44 
fpu ksi 270 261.61  249.46 
𝛽/ (Eq. 7-13) - 0.650 0.708 0.728 0.712 0.678 0.678 0.678 
𝛼/ (Eq. 7-14) - 0.85 
𝑘 - 0.28 - 
fps (Eq. 7-12) ksi 259.62 - 
c (Eq. 7-11) 
c (Eq. 7-16) in. 5.629  

7.920 
 

6.541 
 

6.372 
 

4.974 
 

4.974 
 

4.974 
a in. 3.659 5.609 4.762 4.537 3.372 3.372 3.372 

Mn (Eq. 7-10) 

Mn (Eq. 7-15) kip-ft 2023  
2500 

 
1934 

 
1940 

 
1634 

 
1634 

 
1290 
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Figure 7-24 Comparison of experimental moments and moments calculated using modified 

AASHTO LRFD equations 

7.4 Iterative numerical model 

Current AASHTO equations for the stress block parameters, 𝛼* and 𝛽*, (Equations 7-13 and 

7-14) are only valid when concrete top fiber strain equals 0.003. Because all composite girders 

prestressed with HSSS strands failed due to rupture of strand, the HSSS strands in the bottom layer 

reached their ultimate strain while the concrete strain in the extreme compression fiber was less 

than 0.003. Therefore, it is inappropriate (unconservative) to approximate the concrete 

compressive force using the current AASHTO equations for the stress block parameters, 𝛼* and 

𝛽*. 

HSSS strands and carbon fiber-reinforced polymer (CFRP) strands have low ductility 

compared to carbon steel strands. NCHRP Report 907 was developed for concrete bridge beams 

prestressed with CFRP systems (2019); rupture of CFRP strands was proposed as a feasible failure 

mode for prestressed concrete I-girders. In the NCHRP Report 907, equations for stress block 

parameters, 𝛼 and 𝛽, were proposed for any strain value in the extreme compression fiber, and 

they are given in Equations (7-18) and (7-19), respectively, where 𝜀!"  is calculated using Equation 

(7-20). In the case of rupture of strand failure mode, the neutral axis depth (𝑐*) can be determined 

by achieving force equilibrium, which is given in Equation (7-21). Both 𝛼 and 𝛽 are a function of 

the concrete strain at the extreme compression fiber (𝜀!%) at failure, which is unknown. Therefore, 
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Equation (7-21) cannot be solved because it has two unknowns, 𝛼 and 𝛽. The neutral axis depth 

(𝑐V) can be also determined from strain distribution by using similar triangles as shown in Equation 

(7-22). In this case, the neutral axis depth can only be solved through an iterative procedure. 

𝛽 =
R[

F?@
F?
A

_[V
F?@
F?A
Z− %?A

UO
+ 1.1[   Equation 7-18 

𝛼 = Z*
]
[ bT?%

T?A
− *

X
ZT?@
T?A
[
V
d Z− %?A

_O
+ 1[  Equation 7-19 

𝜀!" = Z%?
A

**
+ 1.6[ ∗ 10[X   Equation 7-20 

𝑐* = 757%56
\%?A])

  Equation 7-21 

𝑐V =
T?@

T?@ST56[T58
𝑑*   Equation 7-22 

An iterative numerical model was developed to determine the flexural strength for concrete 

girders prestressed with HSSS strands and designed to fail by rupturing of strands. The procedure 

can be summarized in the following steps. 

1. Assume top fiber strain, e.g. 𝜀!% = 0.0005. 

2. Calculate the first neutral axis depth, c111R, from the strain distribution using Equation 7-22. 

3. Calculate the concrete stress block parameters 𝛽 and 𝛼 using Equations 7-18 and 7-19, 

respectively. 

4. Calculate strain in the layers of HSSS strands using the linear strain distribution; 

5. Calculated stress in the layers of HSSS using the stress-strain model given in Equation 3-

1 after substituting A, B, and C coefficients and determining modulus of elasticity, E; 

6. Calculate the second neutral axis depth, c22R, from force equilibrium; and 

7. Terminate the iteration if 𝑐* − 𝑐V = 0, otherwise go to step (1) and increase the top fiber 

strain for the next iteration. 

8. Calculate the nominal flexural resistance, MRnR, by summing tension forces about the 

centroid of the compression depth. 

The proposed iterative procedure is given in a form of flowchart in Figure 7-25. 
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Figure 7-25 Proposed flexural design flowchart for concrete members prestressed with HSSS 

strands and designed to fail due to rupture of strand 
 

To validate the detailed iterative numerical model, results from the experimental programs 

were compared with those obtained using the flowchart in Figure 7-25. The stress in the HSSS 

strands (fpsi) was calculated using the stress-strain model given in Equation 3-1 after substituting 
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coefficients from Table 3-8 and mechanical properties from Table 3-5. The measured concrete 

compressive strength on testing day (Table 4-6 and Table 4-12) and measured prestress losses 

(Figure 6-9 and Table 6-2) were used in the iterative numerical model to calculate the flexural 

strength. The iterative numerical analysis of Girders C1 and E1-E5 predicted a flexural strength of 

2504, 1961, 1966, 1647, 1647, and 1293 kip-ft, respectively. The predicted flexural strengths of 

Girders C1 and E1-E5 were 97.8%, 95.6%, 97.1%, 96.7%, 97.6%, and 95.6%, respectively, from 

those measured experimentally. Figure 7-26 presents comparisons of the experimental moments 

and moments calculated using the proposed iterative numerical model. It can be concluded that the 

proposed iterative numerical model predicted the experimental results well. An example following 

this approach is given in Appendix F.  

The proposed flowchart in Figure 7-25 can be slightly improved to include nonprestressed 

tension and compression reinforcements at any depth along the section and to cover flanged 

sections (provided later in this report).  

 
Figure 7-26 Comparison of experimental moments and moments calculated using iterative 

numerical model 

The detailed iterative numerical model (Figure 7-25) requires calculation of the strain in each 

layer of strands to determine the tension force. The distance from the neutral axis to the layer of 

strands is used to determine the strain in the strands at that layer. So, in deep girders, the rate of 

increase in strain between the bottom layer and other layers in very minimal. Also, the stress-strain 
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curve of the HSSS strands has a very low slope in the inelastic region. This means that a small 

difference in the strain results in a very minimal difference in the stress. To investigate the vertical 

distribution of HSSS strands on the flexural strength of the girders, the iterative detailed model 

was simplified by assuming an equivalent area at the centroid of the strands. The simplified 

iterative procedure is given in a form of flowchart in Figure 7-27. 

 

Figure 7-27 Simplified iterative model to calculate the flexural strength of concrete girders 
prestressed with HSSS strands and designed to fail due to rupture of strand 

 

To validate the simplified iterative numerical model, results from the experimental programs 

were compared with those obtained using the flowchart in Figure 7-27. The iterative numerical 
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analysis of Girders C1 and E1-E5 predicted a flexural strength of 2500, 1929, 1933, 1621, 1621, 

and 1276 kip-ft, respectively, as shown in Figure 7-26. The predicted flexural strengths of Girders 

C1 and E1-E5 were 97.6%, 94.1%, 95.5%, 95.2%, 96.0%, and 94.4%, respectively, from those 

measured experimentally. The predicted flexural strength was calculated using measured HSSS 

strand properties, concrete compressive strength on testing day, and measured prestress losses. 

Figure 7-26 shows that assuming an equivalent area for HSSS strands at their centroid did not 

significantly affect the calculated moment. The difference between flexural strengths calculated 

using vertical (real) distribution of HSSS strands and assuming an equivalent area was less than 

2%. Therefore, it can be concluded that the proposed simplified iterative model can be used to 

calculate the flexural strength of concrete girders prestressed with HSSS strands and designed to 

fail due to rupture of strand. An example following this approach is given in Appendix F.  

7.5 Summary 

Multiple approaches were developed to compute the flexural strength of concrete members 

prestressed with HSSS strands, and a summary table is below: 

Table 7-2 Flexural strength of concrete girders prestressed with HSSS strands 

Specimen Experimental 
(kip-ft) 

Strain 
compatibility 

(kip-ft) 

Modified 
AASHTO 

LRFD 
(kip-ft) 

Detailed 
iterative 

numerical 
model 
(kip-ft) 

Simplified 
iterative 

numerical 
model 
(kip-ft) 

Girder C3 2561 2537 2500 2504 2500 

Girder E1 2051 1990 1934 1961 1929 

Girder E2 2024 1993 1940 1966 1933 

Girder E3 1703 1673 1634 1647 1621 

Girder E4 1688 1672 1634 1647 1621 

Girder E5 1352 1319 1290 1293 1276 

 

The developed approaches are as follows: 

1. A nonlinear iterative sectional analysis model, using strain compatibility, was developed to 

calculate the flexural strength of any prestressed concrete section. The calculated flexural 

strengths using analytical model for Girders C3, E1, E2, E3, E4, and E5 were 99.0%, 97.0%, 

98.5%, 98.2%, 99.0%, and 97.5%, respectively, of the experimental strengths. 
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2. AASHTO LRFD equations cannot be used when HSSS strands are used, for two reasons. First, 

HSSS have different mechanical properties compared to those for carbon steel strands. Second, 

carbon steel strands have high ductility, so rupture of strands is an uncommon failure mode. 

AASHTO LRFD equations were slightly modified for the use of HSSS strands. The calculated 

flexural strengths using modified AASHTO equations for Girders C3, E1, E2, E3, E4, and E5 

were 97.6%, 94.3%, 95.9%, 95.9%, 96.8%, and 95.4%, respectively, of the experimental 

strengths. Even though the modified AASHTO equations predicted well the experimental 

results, they have some limitations, and they may result, in some cases, in overestimation of 

the nominal flexural resistance of member. 

3. A straightforward, iterative numerical approach was developed to calculate the flexural 

strength of any prestressed concrete section. The calculated flexural strengths of Girders C1 

and E1-E5 were 97.8%, 95.6%, 97.1%, 96.7%, 97.6%, and 95.6%, respectively, of those 

measured experimentally.  
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CHAPTER 8 DEVELOPMENT OF FLEXURAL DESIGN EQUATIONS 
 

8.1 Introduction 

The flexural strength of concrete members prestressed with HSSS strands can be computed 

quite accurately through a nonlinear sectional analysis or an iterative numerical model, as 

discussed in Chapter 7. However, for practical design purposes, it is preferable to have simple 

numerical equations to compute the nominal flexural resistance. 

This chapter is devoted to developing flexural design equations for concrete members 

prestressed with HSSS strands. 

8.2 Desired flexural failure mode 

The desirable behavior of any prestressed concrete member is for it to exhibit a large deflection 

and excessive cracking before failure, which serve as warning before the member reaches its 

capacity. Both deflection and cracking are functions of the strain in the extreme compression fiber 

and strain in the bottom layer of strands. The capacity and failure mode of a prestressed concrete 

member are controlled by which component – concrete in the compression zone or the bottom 

layer of strand – reaches its ultimate strain first. The failure mode – crushing of concrete or rupture 

of strand – is controlled by the mechanical properties of the strand, concrete compressive strength, 

and member dimensions (especially depth).  

 According to AASHTO Section 5.5.4.2, the flexural resistance factor depends on the net 

tensile strain in the strand, as shown in Figure 8-1. From a design point of view, the higher the 

resistance factor, the higher the capacity that can be achieved. To achieve a resistance factor of 

1.0, the net tensile strain in the strand shall be not less than 0.005. Therefore, concrete flexural 

members prestressed with carbon steel strands are designed to have a net tensile strain in the 

strands greater than 0.005. In this case, the capacity of the member is controlled by concrete in the 

compression zone. Rupture of strand failure mode is uncommon when carbon steel strands are 

used because of their high ductility. The minimum guaranteed ultimate strain for carbon steel 

strand is 0.035, however, most carbon steel strands have an ultimate strain larger than 0.05. The 

ductility of the member is achieved through high strain in the carbon steel strands. 
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Figure 8-1 Strength resistance factor for carbon steel strands (AASHTO LRFD) 

The desired flexural behavior for concrete members prestressed with carbon steel strands is 

not applicable for concrete members prestressed with HSSS strands because HSSS strands have 

low ductility compared to carbon steel strands. The minimum guaranteed ultimate strain for HSSS 

strand is only 0.014. Regardless of the low ductility of HSSS strand, the net tensile strain in the 

bottom layer of HSSS strands in flexural members is recommended to be greater than 0.005 (this 

will be discussed later in this report). This is important to provide adequate deformability before 

failure. Because of the low ductility of HSSS strands, two failure modes are feasible, and they are 

discussed in the following sections. 

8.2.1 Rupture of strand 

For the case of rupture of strands, both deflection and cracking are primarily a function of the 

concrete strain in the top fiber, which will be less than its ultimate value of 0.003. Thus, the design 

procedure of a prestressed concrete I-girder should be revised when HSSS strands are used. Instead 

of the prestressing strand yielding (having net tensile strain higher than 0.005), the concrete strain 

at the top fiber should reach inelastic strain (yielding) as shown in Figure 8-2. Ductility of a 

concrete flexural member prestressed with HSSS strands is obtained by ensuring considerable 

inelastic strain in the top fiber before rupture of the HSSS strands occurs. 
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Figure 8-2 Design of carbon and stainless steel prestressed concrete girders 

The stress-strain relationship of concrete is essential in determining the end of the elastic range. 

Figure 8-3 shows stress-strain curves of concrete of various strengths, which were developed using 

Equations 7-1 through 7-5 (Collins and Mitchell 1991). It was reported that concrete starts to lose 

stiffness after approximately 0.7𝑓!". This concrete stress (0.7𝑓!") is considered the end of the elastic 

range on the concrete stress-strain curve. The strains at 0.7𝑓!" of various concrete strengths were 

determined and plotted in Figure 8-3. Those strains represent the start of the inelastic range of the 

concrete stress-strain curve. The minimum inelastic compressive stress or strain of the concrete at 

failure should be 0.7𝑓!" and (𝑓!"+5)/10,000, respectively, for a concrete member prestressed with 

HSSS strands. The required inelastic stress or strain in the extreme top fiber is to compensate for 

the small ductility of HSSS strands. This proposed design approach takes full advantage of HSSS 

strands and ensures adequate ductility by having the concrete strain in the extreme compression 

fiber reach the inelastic region before failure. This design type is the most economical approach 

for I-girder sections such as AASHTO Type II. 
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Figure 8-3 Concrete compressive stress-strain curves 

8.2.2 Crushing of concrete 

For the case of crushing of concrete, both deflection and cracking are primarily a function of 

strain in the HSSS strands at failure. This design type takes full advantage of the concrete in the 

compression zone; however, not as much advantage is taken from the HSSS strands. Even though 

designing for crushing of concrete failure mode requires a large prestressing reinforcement area 

compared to rupture of strand failure mode, the need for the large area might be due to service 

limit states, such as in the case of shallow sections such as Florida Slab Beams. The strain in the 

HSSS strands decreases when the reinforcement ratio increases. Thus, in the case of crushing of 

concrete failure mode, deformability can be obtained by ensuring that the net tensile strain in the 

HSSS strand is greater than 0.005. A net tensile strain lower than 0.005 is acceptable only after 

ensuring that the ultimate deflection of the concrete member prestressed with HSSS strands is 

equivalent to that of the same member prestressed with carbon steel strands. Further research is 

needed to establish this net tensile strain limit for design purposes. In this design type, the nominal 

flexural resistance of the member depends mainly on the condition and compressive strength of 

the concrete in the compression zone, which is in most cases the concrete in the bridge deck. 

Deterioration in the bridge deck slab due to weathering may result in a reduction in the member’s 

dimension, and the resulting decrease in the nominal flexural resistance of the member could be 

accounted for during design. 
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For I-girder sections such as AASHTO Type II, this design type is impractical because of the 

limited space available for the strands in the section, and it is uneconomical because of the 

additional unnecessary strands. This design type is recommended for slab beam sections, where 

design is most likely controlled by the service limit state. 

8.3 Balanced failure condition 

Balanced failure condition occurs when strains in the extreme concrete fiber and bottom layer 

of HSSS strands simultaneously reach their maximum values. In other words, beams with a 

balanced reinforcement ratio fail by crushing of concrete and rupture of HSSS strands 

simultaneously as shown in Figure 8-4. The parabolic concrete stress distribution can be 

approximated by Whitney’s rectangular stress block (Figure 8-4d), which can be defined by stress 

block factors, 𝛽* and 𝛼*. By considering equilibrium of internal forces, the following equation is 

obtained 

𝛼*𝑓!"𝛽*𝑐𝑏 = 	𝐴&'𝑓&2 Equation 8-1 

The balanced prestressing reinforcement area can be expressed as 

𝐴&' = 𝜌'')𝑏𝑑 Equation 8-2 

By substituting Equation 8-2 in Equation 8-1, one can obtain 

𝛼*𝛽*𝑓!"𝑐𝑏 = 	𝜌'')𝑏𝑑𝑓&2 Equation 8-3 

The balanced reinforcement ratio can be obtained by rearranging Equation 8-3 

𝜌'') = 𝛼*𝛽*
%?A

%56

!G
.

  Equation 8-4 

Based on linear strain distribution shown in Figure 8-4b, one obtains 

𝑘&2) =
!G
.4
= T?6

T?6ST56[T58
  Equation 8-5 

By substituting Equation 8-5 in Equation 8-10, the balanced reinforcement ratio can be 

expressed as 

𝜌'') = 𝛼*𝛽*
%?A

%56

T?6
T?6ST56[T58

  Equation 8-6 

where 

𝛽* = stress block factor = ratio of depth of equivalent rectangular stress block to neutral 

axis depth 

𝛼* = stress block factor = ratio of equivalent rectangular concrete compressive stress 

block intensity to the concrete compressive strength 
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𝑓!"	= concrete compressive strength 

𝜀!2= ultimate compressive strain of concrete, which is assumed to be 0.003 according 

to AASHTO 

𝑓&2= ultimate tensile stress of HSSS strand 

𝜀&1 and 𝜀&2 = effective prestressing strain and ultimate tensile strain, respectively, in 

the HSSS strands  

 
Figure 8-4 Strain and stress distributions for balanced failure condition. 

(a) cross section; (b) strain; (c) stress; and (d) stress (equivalent)  

According to AASHTO Section 5.6.2.2 (2017), the stress block factor, 𝛼*, is equal to 0.85 for 

concrete compressive strength not exceeding 10 ksi; and the stress block factor,	𝛽*, is equal to 0.85 

for concrete compressive strength not exceeding 4 ksi. For concrete strength greater than 4 ksi, the 

𝛽* shall be reduced by 0.05 for each 1 ksi in excess of 4 ksi. The minimum value for 𝛽* is 0.65. 

Note that AASHTO provides values for stress block factors, 𝛼* and 𝛽*, only when the strain in the 

extreme compression fiber reaches its ultimate value of 0.003. The stress block factors, 𝛼* and 𝛽*, 

are functions of the concrete strain in the extreme compression fiber. (Collins and Mitchell 1991) 

proposed equations for stress block factors, 𝛼 and 𝛽, for any strain values in the extreme 

compression fiber. Those equations were modified in NCHRP Project 12-97 (2019) and are given 

in Equation 8-7 and Equation 8-8, where 𝜀!"  is calculated using Equation 8-9. 

𝛽 = R[(T?@ T?A)⁄

_[V	(T?@ T?A)⁄ Z− %?A

UO
+ 1.1[ ≥ 0.65   Equation 8-7 
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𝛼 = Z*
]
[ bT?@

T?A
− *

X
ZT?@
T?A
[
V
d Z− %?A

_O
+ 1[  Equation 8-8 

𝜀!" = Z%?
A

**
+ 1.6[ ∗ 10[X  Equation 8-9 

The stress block factors, 𝛼 and 𝛽, can be determined using the above equations when the 

concrete top fiber compression strain (𝜀!%)  is less than 0.003. To determine 𝛽* and 𝛼*	factors 

when the concrete strain reaches its maximum value, 𝜀!% is taken to be equal to 𝜀!2, which is 0.003. 

Figure 8-5 shows the relationship between 𝛼*𝛽* and concrete compressive strength when 𝜀!% equal 

0.003. An equation is proposed in this study for the stress block parameters, 𝛼*𝛽*, and it is given 

in Equation 8-10. 

𝛼*𝛽* = 0.77 − %?A	
_O

 Equation 8-10 

 
Figure 8-5 Prediction of stress block factors 

The balanced reinforcement ratio, 𝜌''), distinguishes between crushing of concrete failure 

mode and rupture of HSSS strands failure mode. The flexural capacity and deformability of 

concrete members prestressed with HSSS strands depend on whether the failure is governed by 

crushing of concrete or rupture of HSSS strand. If the HSSS reinforcement ratio is less than the 

balanced ratio (𝜌'' < 𝜌'')), the rupture of HSSS strand failure mode governs. Otherwise, crushing 

of concrete failure mode governs (𝜌'' > 𝜌'')). 

8.4 Design equations for nominal flexural resistance 

A nonlinear sectional analysis model was validated with experimental results in Chapter 7. The 

analytical model was then used to conduct parametric studies to develop analytical data covering 
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both crushing of concrete and rupture of strands failures. Based on analytical data, design 

equations were proposed for each failure mode, and they are discussed in the following sections. 

8.4.1 Rupture of strand failure mode 

When rupture of HSSS strand governs the design, the ultimate tensile strain of HSSS strands, 

𝜀&2, is reached. However, the concrete top fiber compressive strain, 𝜀!%, does not reach the ultimate 

compressive strain, 𝜀!2, as shown in Figure 8-6b. In this case, Whitney’s rectangular stress block 

cannot approximate the concrete stress distribution in the compression zone. The strain distribution 

in Figure 6b allows determination of the value for 𝑘&2 in terms of the available strain at failure 

(Equation 8-11). 

𝑘&2 =
!
.4
= T?@

T?@ST56[T58
 Equation 8-11 

 
Figure 8-6 Strain and stress distributions for strands rupture failure condition. 

(a) cross section; (b) strain; (c) stress; and (d) stress (equivalent)  

An analytical procedure was developed to determine the ratio of the depth of the neutral axis 

to the depth of bottom layer of prestressing reinforcement (𝑘&2) and to calculate the nominal 

flexural resistance (𝑀5). The procedure can be summarized in the following steps. 

1. Determine the balanced reinforcement ratio, 𝜌''), from the input parameters using 

Equation 8-6; 

2. Select a reinforcement ratio, 𝜌'', lower than the balanced reinforcement ratio; 

3. Assume a concrete strain value, 𝜀!%, at the extreme compression fiber (i.e. 𝜀!% = 0.0005); 
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4. Increase the concrete top fiber strain (or neutral axis depth) until force equilibrium is 

achieved; 

5. According to the strain distribution, calculate the value of 𝑘&2 using Equation 8-11; and 

6. According to the stress distribution, calculate the nominal flexural resistance 𝑀5. 

Parametric studies were performed using the aforementioned procedure to generate analytical 

𝑘&2 and 𝑀5 for a wide range of design parameters. The parametric studies were used to statistically 

derive a design approach for concrete members prestressed with HSSS strands and designed to fail 

by rupture of strand. The design parameters were as follows: 

• Concrete compressive strength (𝑓!") ranging from 4.5 ksi to 8.5 ksi; 

• Effective prestress equal to 50%, 55% and 60% of the ultimate tensile strength; and 

• Prestressing reinforcement ratio (𝜌'') ranging from 0.2𝜌'') to 𝜌''). 

A total of 540 isolated analyses were completed. A correlation analysis of the analytical 𝑘&2 

data indicated that 𝜌'' 𝜌'')�  and fpe have the most significant effect on 𝑘&2. Based on regression 

analysis of the analytical 𝑘&2 data, Equation 8-12 was obtained. 

𝑘&2 = Z0.7 `77
`77G

+ 0.26[𝑘&2) Equation 8-12 

Figure 8-7 compares the 𝑘&2 data calculated from the analytical model and those from 

Equation 8-12. As shown, the proposed equation provides consistent and accurate predictions of 

𝑘&2. 

The neutral axis depth (𝑐) can be obtained by substituting Equation 8-5 and Equation 8-11 in 

Equation 8-12. 

𝑐 = Z0.7 `77
`77G

+ 0.26[ 𝑐) Equation 8-13 

The concrete strain in the extreme compression fiber (𝜀!%) can be obtained by rearranging 

Equation 8-11 

𝜀!% = 𝑐	 ZT56	[	T58
.	[	!

[ Equation 8-14 

Summing moments about the compression resultant (Figure 6d), the nominal flexural 

resistance can be computed by Equation 8-15 for concrete members prestressed with HSSS strands 

and designed to fail by rupture of strand. 

𝑀5 = 𝑓&2𝐴&' Z𝑑+$, −
]!
V
[  Equation 8-15 
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(a) Effect of prestressing level 

 
(b) Effect of concrete compressive strength 

Figure 8-7 Variation in ratio of neutral axis depth to prestressing reinforcement depth, kpu, for 

strand rupture failure condition 

For concrete members prestressed with HSSS strands and designed to fail due to rupture of 

strand, the recommended minimum reinforcement ratio (𝜌'',?05) is the reinforcement ratio at 

which the concrete strain in the extreme compression fiber reaches inelastic strain, (𝑓!"+5)/10,000, 

before failure. Parametric studies were performed to generate analytical prestressing reinforcement 

ratios for a wide range of design parameters. The design parameters were as follows: 

• Concrete compressive strength ranging from 4.5 ksi to 8.5 ksi; and 

0.05

0.10

0.15

0.20

0.25

0.30

0.35

0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0 1.1

Analytical fpe = 0.50 fpu
Analytical fpe = 0.55 fpu
Analytical fpe = 0.60 fpu
Eq. 8-12 fpe = 0.50 fpu
Eq. 8-12 fpe = 0.55 fpu
Eq. 8-12 fpe = 0.60 fpu

𝜌!!/𝜌!!"

𝑘 #
$

𝑓!" = 5.5	𝑘𝑠𝑖

0.05

0.10

0.15

0.20

0.25

0.30

0.35

0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0 1.1

fc' = 4.5 ksi
fc' = 5.5 ksi
fc' = 6.5 ksi
fc' = 7.5 ksi
fc' = 8.5 ksi
Eq. 8-12

𝜌!!/𝜌!!"

𝑘 #
$

𝑓#$ = 50	𝑓$%



148 

• Effective prestress force 50%, 55% and 60% of the ultimate tensile strength.  

For each analysis, the minimum reinforcement ratio was found by satisfying the failure 

condition. A total of 15 isolated analyses were completed. The parametric studies were used to 

statistically derive an equation to specify the minimum reinforcement limit. A correlation analysis 

of the analytical data indicated that only 𝑓!" has a significant effect on the minimum reinforcement 

ratio. Based on regression analysis of the analytical data, the minimum reinforcement ratio for 

concrete members prestressed with HSSS strands and designed to fail by rupture of the strand can 

be computed using the following equation. 

𝜌'',?05 = ZUOSXX%?
A

*,OOO
[ 𝜌'') Equation 8-16 

The proposed equation is in good agreement with values obtained by the analytical model as 

shown in Figure 8-8. The minimum reinforcement ratio can be also expressed in terms of the ratio 

of the depth of the neutral axis to the depth of the bottom layer of strands (c/d). Figure 8-9 shows 

the relationship between c/d and concrete compressive strength (𝑓!") for different effective prestress 

(𝑓&1). Equation 8-17 is proposed in terms of c/d as a limit for the reinforcement ratio. Figure 8-9 

shows that the proposed equation provides consistent and accurate predictions of the minimum 

reinforcement ratios. 

𝑐/𝑑 = Q.V%?A	S	O.Ra	%58	[	X.Q
*,OOO

 Equation 8-17 

 
Figure 8-8 Variation of reinforcement ratio for stainless steel prestressed concrete member 

designed to fail due to rupture of strands 
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Figure 8-9 Variation in c/d for stainless steel prestressed concrete member designed to fail due to 

rupture of strands 

8.4.2 Crushing of concrete failure mode 

When crushing of concrete governs the design, the ultimate concrete compressive strain, 𝜀!2, 

at the extreme top fiber is reached. However, the strain in the HSSS strands does not reach its 

ultimate tensile strain, 𝜀&2. Therefore, the stress in the HSSS strands at failure needs to be 

determined. In this case, concrete stress distribution in the compression zone can be approximated 

by an equivalent rectangular stress block. The strain distribution in Figure 8-10 allows for the 

determination of 𝑘&2 in terms of the available strain at failure (Equation 8-18). 

𝑘&2 =
!
.4
= T?6

T?6ST5[T58
  Equation 8-18 
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Figure 8-10 Strain and stress distributions for concrete crushing failure condition. 

(a) cross section; (b) strain; (c) stress; and (d) stress (equivalent)  

An analytical procedure was developed to determine the ratio of the depth of the neutral axis 

to the depth of bottom layer of prestressing reinforcement (𝑘&2), the stress in the HSSS strands 

(𝑓&), and nominal flexural resistance (𝑀5). The procedure is summarized in the following steps. 

1. Determine the balanced reinforcement ratio, 𝜌''), from the input parameters using 

Equation 8-6; 

2. Select a reinforcement ratio, 𝜌'', greater than the balanced reinforcement ratio; 

3. Set the concrete strain value at the extreme compression fiber to be 0.003; 

4. Assume the neutral axis depth, c, (i.e. c = 0.1d);   

5. Increase the neutral axis depth until force equilibrium is achieved; 

6. According to the strain distribution, calculate the value of 𝑘&2 using Equation 8-18; and 

7. According to the stress distribution, calculate the nominal flexural resistance, 𝑀5. 

Parametric studies were performed using the aforementioned procedure to generate analytical 

𝑘&2 and 𝑀5 for a wide range of design parameters. The parametric studies were used to statistically 

derive a design approach for concrete members prestressed with HSSS strands and designed to fail 

by crushing of concrete.  The design parameters were as follows: 

• Concrete compressive strength (𝑓!") ranging from 4.5 ksi to 8.5 ksi; 

• Effective prestress equal to 50%, 55% and 60% of the ultimate tensile strength; and 
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• Prestressing reinforcement ratio (𝜌'') ranging from 𝜌'') to 1.34𝜌''). 

A total of 240 isolated analyses were completed. A correlation analysis of the analytical 𝑘&2 

data indicated that 𝜌'' 𝜌'')�  and fpe have the most significant effect on 𝑘&2. Based on a regression 

analysis of the analytical 𝑘&2 data, Equation 8-19 was proposed. 

𝑘&2 = Z0.8 `77
`77G

+ 0.2[ 𝑘&2)  Equation 8-19 

Figure 8-11 compares the 𝑘&2 data calculated from the analytical model and those from 

Equation 8-19. The proposed equation provides consistent and accurate predictions of 𝑘&2 for a 

wide range of analytical data. 

 
Figure 8-11 Variation in ratio of neutral axis depth to prestressing reinforcement depth, kpu, for 

concrete crushing failure condition 

The neutral axis depth (𝑐) can be obtained by substituting Equation 8-5 and Equation 8-18 in 

Equation 8-19. 

𝑐 = Z0.8 `77
`77G

+ 0.2[ 𝑐) Equation 8-20 

The strain in the bottom layer of HSSS strands (𝜀&) can be obtained by rearranging Equation 

8-18 

𝜀& = (𝜀!2
.	[	!
!
) + 𝜀&1 Equation 8-21 

The stress in the prestressing strands (𝑓&) can be computed by using Equation 8-22 

𝑓& = 𝐸&' ∗ 𝜀& �𝐴 +	
*[7

[*S(b	∗	T5)H]4/H
�   Equation 8-22 
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where A, B, and C are coefficients, depending on the stress-strain curves of the HSSS strands. 

For design, A, B, and C coefficients shall be taken as 0.06, 101, and 6.45, respectively, and elastic 

modulus, 𝐸&', equals 24,000 ksi. More information about A, B, and C coefficients can be found in 

Section 3.4. Figure 8-12 compares 𝑓& obtained from the analytical model to that obtained from 

Equation 8-22. 

 
Figure 8-12 Comparison of stress in the prestressing reinforcement at failure 

Once 𝑐 and 𝑓& are obtained from Equation 8-20 and Equation 8-22, respectively, the nominal 

flexural resistance, 𝑀5, can be computed by Equation 8-23 for a concrete member prestressed with 

HSSS strands and designed to fail by crushing of concrete. 

𝑀5 = 𝑓&𝐴&' Z𝑑+$, −
]!
V
[  Equation 8-23 

As mentioned before, the design approach recommended herein, for crushing of concrete 

failure mode, is to have the net tensile strain in the HSSS strand greater than 0.005 at failure. The 

strain in the HSSS strands decreases when the reinforcement ratio increases; however, the nominal 

flexural strength increases. A maximum reinforcement limit is needed to ensure that the net tensile 

strain in the strand at failure is at least 0.005. As mentioned previously, further research is needed 

to establish this strain limit for design purposes. Parametric studies were performed to generate 

analytical prestressing reinforcement ratios for a wide range of design variables, and they were as 

follows: 

• Concrete compressive strength ranging from 4.5 ksi to 8.5 ksi; and 

• Effective prestress force 50%, 55% and 60% of the ultimate tensile strength. 
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For each analysis, the maximum reinforcement ratio was found by satisfying the failure 

condition. A total of 15 isolated analysis were completed. The parametric studies were used to 

statistically derive an equation to specify the maximum reinforcement limit. A correlation analysis 

of the analytical data indicated that only 𝑓&1 has a significant effect on the reinforcement ratio and 

c/d. Based on regression analysis of the analytical data, the maximum reinforcement ratio for 

concrete members prestressed with HSSS strands and designed to fail by crushing of concrete can 

be computed using the following equation. 

𝜌'',?+@ = ZV	%58
*,OOO

+ 1.18[ 𝜌'') Equation 8-24 

The proposed equation provides consistent and accurate predictions of the maximum 

reinforcement ratios as shown in Figure 8-13. The maximum reinforcement ratio can be also 

expressed in terms of the ratio of the depth of the neutral axis to the depth of the bottom layer of 

strands (c/d), and the proposed equation is given in Equation 8-25. 
!
.
= Z*a	%58	S	*VVW

*O,OOO
[ Equation 8-25 

 
Figure 8-13 Variation of reinforcement ratio for stainless steel prestressed concrete members 

designed to fail due to crushing of concrete 

8.5 Validation of proposed numerical equations 

The proposed numerical equations were validated by comparing them to flexural strengths 

obtained from the experimental program. The experimental flexural strength (including moment 
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given in Section 8.4.1 are used. All needed design variables for all tested girders are given in Table 

8-1. Table 8-1 also provides the procedure using numerical equations to calculate the flexural 

strength of the girders. The proposed numerical equations are straightforward and do not require 

iterations. The calculated flexural strength was 2499, 1930, 1961, 1623, 1631, 1277 kip-ft for 

Girders C3, E1, E2, E3, E4, and E5, respectively. The calculated flexural strengths for Girders C3, 

E1, E2, E3, E4, and E5 were 97.6%, 94.1%, 96.9%, 95.3%, 96.6%, and 94.5%, respectively, of 

the experimental strengths. Figure 8-14 presents comparisons of the experimental and numerical 

strengths. The numerical equations predicted well the experimental results.  

 

Table 8-1 Calculation of flexural strength using proposed numerical equations 
Variable Unit Girder C3 Girder E1 Girder E2 Girder E3 Girder E4 Girder E5 

b in. 24  
d in. 43 41 
davg in. 41.15 39.18 39.18 36.67 36.67 39.86 
Aps in2 2.990 2.53 2.541 2.079 2.079 1.617 
fc’ ksi 6.84 6.44 6.76 7.44 7.44 7.44 
fpu ksi 261.61 249.46 
𝜀!& in./in. 0.003 
𝜀$& in./in. 0.0181 0.0163 
𝜀$I in./in. 0.00551 0.00555 0.00558 0.00561 0.00570 0.00579 
𝜌'' (Eq. 8-2) - 0.00303 0.00269 0.00266 0.00217 0.00216 0.00168 
𝛼/𝛽/ (Eq. 8-10) - 0.65607 0.66265 0.65733 0.64597 0.64597 0.64597 
𝜌''J (Eq. 8-6) - 0.00330 0.00379 0.00395 0.00428 0.00431 0.00434 
cb (Eq. 8-5) in. 8.276 8.945 9.092 9.111 9.177 9.235 
c (Eq. 8-13) in. 7.467 6.839 6.646 5.607 5.609 4.908 
𝜀!K(Eq. 8 − 14) in./in. 0.00264 0.00215 0.00204 0.00166 0.00165 0.00140 
𝜀′!(Eq. 8 − 9) in./in. 0.00222 0.00219 0.00221 0.00228 0.00228 0.00228 
𝛽	(Eq. 8 − 7) - 0.7540 0.7265 0.7190 0.6996 0.6990 0.6893 
Mn (Eq. 8-15) kip-ft 2499 1930 1961 1623 1631 1277 
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Figure 8-14 Experimental and numerical flexural strengths 

 
8.6 Summary 

For practical design purposes, designers prefer to use simple numerical equations to compute 

the nominal flexural resistance. Current design codes and specifications do not have numerical 

equations to compute the nominal flexural resistance for concrete members prestressed with HSSS 

strands. An analytical model was developed and validated with experimental results. Then, the 

model was used to perform a series of parametric studies to generate analytical data. Based on 

analytical data, numerical equations were developed to determine the nominal flexural resistance 

for concrete members prestressed with HSSS strands. The proposed numerical equations cover 

both crushing of concrete and rupture of strands failure modes. The proposed numerical equations 

were validated by comparing flexural strengths calculated using the proposed numerical equations 

and those obtained from the experimental program. The calculated flexural strengths of Girders 

C3, E1, E2, E3, E4, and E5 were 97.6%, 94.1%, 96.9%, 95.3%, 96.6%, and 94.5%, respectively, 

of the experimental strengths. Thus, it can be concluded that the calculated flexural strengths are 

in good agreement with those measured experimentally.  
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CHAPTER 9 FLEXURAL DESIGN GUIDELINES 
 

9.1 Introduction 

There are many differences in mechanical properties between HSSS and carbon steel strands, 

as discussed in Chapter 3. Therefore, design guidelines developed for concrete members 

prestressed with carbon steel strands (such as AASHTO LRFD) cannot be used for concrete 

members prestressed with HSSS strands. The flexural behavior of concrete girders prestressed 

with HSSS strands tend to have low deformability because of the limited ultimate strain of the 

strands. To use HSSS strands in flexural members, the low ultimate strain of HSSS strands shall 

be considered in the design procedure. However, current design codes and guidelines do not 

address this. 

In this chapter, recommended design guidelines of concrete members prestressed with HSSS 

strands are discussed. This includes discussing the desired flexural failure mode, procedures, and 

equations to determine the nominal flexural resistance – introducing limits for minimum and 

maximum reinforcement, recommending strength resistance factors, and recommending the 

jacking stress limit.   

9.2 Nominal resisting moment 

9.2.1 Strain compatibility approach 

The strain compatibility method, as opposed to using an equation, is a more theoretical way to 

calculate flexural behavior of a section, as it considers the stress-strain laws for the materials, as 

well as internal force equilibrium. It is recommended in multiple design codes and specifications. 

This approach was used to design the girders in this study and was described in Section 7.2. 

9.2.2 Numerical approach 

Designers prefer to use an equation type of approach to perform their preliminary designs. 

Equations were developed, as discussed in Chapter 8, to calculate the nominal flexural resistance 

for flexural members prestressed with HSSS strands. The proposed equations are only valid for 

rectangular sections. In the case of flanged sections, an iterative numerical approach was 

developed. In this research, design procedures were developed based on the failure mode of the 

beam, and they are given in the following sections. 
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9.2.2.1 Rupture of strand 

The flowchart given in Figure 9-1 is proposed to determine the nominal flexural resistance of 

a rectangular beam designed to fail due to rupture of strand. Appendix F provides analysis and 

design examples of concrete members prestressed with HSSS strands following Figure 9-1.  

The flowchart given in Figure 9-2 is proposed to determine the nominal flexural resistance for 

rectangular and flanged sections designed to fail due to rupture of strand. The proposed approach 

is simple and straightforward, but it requires multiple iterations to determine the nominal flexural 

resistance of the member. 

9.2.2.1 Crushing of concrete 

The flowchart given in Figure 9-3 is proposed to determine the nominal flexural resistance of 

a rectangular beam designed to fail due to crushing of concrete. Appendix F provides analysis and 

design examples of concrete members prestressed with HSSS strands following Figure 9-3. 

The flowchart given in Figure 9-4 is proposed to determine the nominal flexural resistance for 

rectangular and flanged sections designed to fail due to crushing of concrete. The proposed 

approach is simple and straightforward, but it requires multiple iterations to determine the nominal 

flexural resistance of the member. 

9.3 Recommended failure mode 

Failure mode is defined here as the state where the concrete member prestressed with HSSS 

strands cannot withstand any further load in bending. In general, two failure modes are possible, 

and they are crushing of concrete in the compression zone and rupture of the strand in the tension 

zone. The type of failure mode is dependent on the depth of the section. For I-girder sections, the 

recommended failure mode is rupture of strands. For slab girders, the recommended failure mode 

is crushing of concrete in the compression zone. 
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Figure 9-1 Design flowchart for concrete rectangular beam prestressed with HSSS strands and 

designed to fail due to rupture of strand 
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Figure 9-2 Iterative design procedure for concrete member prestressed with HSSS strands and 

designed to fail due to rupture of strand 
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Figure 9-3 Design flowchart for concrete rectangular beam prestressed with HSSS strands and 

designed to fail due to crushing of concrete 
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Figure 9-4 Iterative design procedure for concrete member prestressed with HSSS strands and 

designed to fail due to crushing of concrete 

9.4 Recommended reinforcement limits 

In addition to the minimum reinforcement limits in AASHTO Section 5.6.3.3, other 

reinforcement limits, based on failure mode of the section, are recommended in this study. The 

recommended reinforcement limits are to ensure adequate deformability before failure. 

For concrete I-girders prestressed with HSSS and designed to fail due to rupture of strands, the 

deformability of the section is a function of concrete strain in the extreme compression fiber. 

Therefore, to ensure the concrete strain at failure is beyond the elastic limit, the prestressing 

reinforcement ratio in the section shall be greater than Equation 9-1. More information about 

development of Equation 9-1 can be found in Section 8.4.1.   

𝜌'',?05 = ZUOSXX%?
A

*,OOO
[ 𝜌'') Equation 9-1 
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For concrete slab beams prestressed with HSSS strands and designed to fail due to crushing of 

concrete, the deformability of the section is a function of strain in the bottom layer of HSSS 

strands. Adding prestressing reinforcement decreases the strain in the HSSS strands. Therefore, to 

ensure that the strain in the bottom layer of HSSS strands is higher than 0.005 (tension-controlled 

limit), the prestressing reinforcement ratio in the section shall not be greater than Equation 9-2. 

More information about development of Equation 9-2 can be found in Section 8.4.2.   

𝜌'',?+@ = ZV	%58
*,OOO

+ 1.18[ 𝜌'') Equation 9-2 

9.5 Recommended strength resistance factors 

HSSS strands have different mechanical properties compared to those for carbon steel strands. 

The most significant difference is the ultimate strain. The minimum guaranteed elongation of an 

HSSS strand is 40% of the guaranteed ultimate strain of a carbon steel strand. Elongation of strand 

influences the deformability of the member and may control the nominal flexural resistance and 

behavior of the member. Therefore, strength resistance factors developed for carbon steel strands 

are not applicable for HSSS strands, and new strength resistance factors shall be developed to 

consider the strands’ low ductility. Strength resistance factors are usually determined by 

conducting a reliability analysis covering a wide range of design parameters. However, a reliability 

analysis study to determine the strength resistance factors for concrete members prestressed with 

HSSS strands was not within the scope of this work. 

HSSS strand shares the same low ductility property with fiber-reinforced polymer (FRP) 

tendons; i.e. Carbon and Aramid composites. Kim and Nickle (2016) proposed strength resistance 

factors for CFRP- and AFRP-prestressed concrete girders by conducting a robust reliability 

analysis (Kim and Nickle 2016). The proposed strength resistance factors for both CFRP and 

AFRP tendons were 0.80 when the net tensile strain is lower than 0.002 (referred to as a 

compression-controlled section) and 0.75 when the net tensile strain is greater than 0.005 (referred 

to as a tension-controlled section) as shown in Figure 9-5. Note that those strength resistance 

factors were determined for a reliability index of 3.5. Even though the elastic modulus and the 

guaranteed ultimate stress and strain of the CFRP tendon were different than those of the AFRP 

tendon as shown in Figure 9-6, the proposed strength resistance factors for CFRP and AFRP 

tendons were similar. Therefore, it can be concluded from Kim and Nickle’s work that the 

differences in the elastic modulus and the guaranteed ultimate stress and strain between CRFP and 

AFRP tendons did not influence the strength resistance factors. This conclusion can be applied to 
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HSSS strands as their elastic modulus and guaranteed ultimate strain and stress are not much 

different than those for CFRP tendon or AFRP tendon as shown in Figure 9-6. HSSS strand has a 

lower guaranteed ultimate strain than both CFRP and AFRP tendons, but its guaranteed ultimate 

stress is between that of CRFP and AFRP tendons. Based on strength resistance factors for CFRP 

and AFRP tendons and similarities of mechanical properties of HSSS strands with CFRP and 

AFRP tendons, it can be concluded that the strength resistance factors for members prestressed 

with HSSS strands are not expected to be different than those proposed for members prestressed 

with CFRP or AFRP tendons. Further research is needed to determine the strength resistance 

factors of members prestressed with HSSS strands through a robust reliability analysis. As 

mentioned previously, reliability analysis was not within the scope of this project; however, it is 

within the scope of the NCHRP Project 12-120, which is currently in progress. Until further 

research, the recommended strength resistance factor for concrete members prestressed with HSSS 

strands is 0.75. 

 
Figure 9-5 Strength resistance factors for CFRP and AFRP tendons 



164 

 
Figure 9-6 Stress-strain relationship of AFRP and CFRP tendons and stainless steel strands 

The strength resistance factor is a function of the net tensile strain in the HSSS strands. Based 

on the proposed design approach for flexural members prestressed with HSSS strands, the net 

tensile strain in the HSSS strands at failure shall be greater than 0.005, as shown in Figure 9-7. In 

other words, both crushing of concrete and rupture of strand failures are within the tension-

controlled region. For example, suppose the stress in the HSSS strands at transfer is 70% of 

ultimate, which is 168 ksi. Assuming prestress losses of 15%, the effective prestress in the HSSS 

strands is 142.8 ksi, which is equivalent to an effective strain of 0.006. As shown in Figure 9-7, 

crushing of concrete failure mode occurs when the net tensile strain is lower than 0.008, and 

rupture of strands failure mode occurs when the net tensile strain is equal to 0.008. 

 

Figure 9-7 Recommended strength resistance factors for HSSS strands 
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The authors recommend that the terms “compression-controlled” and “tension-controlled” not 

be used for members prestressed with HSSS strands. Instead, the failure mode should be 

differentiated as either “concrete crushing failure” or “strand rupture failure”. The resistance 

factor, needing further study, should be dependent on the failure mode. 

9.6 Recommended stress limit 

The maximum stress limit for carbon steel strands immediately prior to transfer is 75% of their 

ultimate strength. A lower fraction of the tensile strength might need to be specified when HSSS 

strands are used, for two reasons. First, HSSS strands have limited strain capacity, which is 

significantly lower than that for carbon steel strands. Second, HSSS strands have a different stress-

strain curve than carbon steel strands, and the elastic modulus deviates earlier also. The stress in 

HSSS strands immediately prior to transfer determines the reserved strain and stress that are 

available between service and strength states. In general, larger initial stress is desirable for the 

service limit state. However, in the case of HSSS, lower initial stress is also desirable to provide 

adequate deformability at failure. Thus, the strain capacity of the HSSS strands in design must be 

balanced between flexural strength and deformability. The stress in HSSS strands immediately 

prior to transfer influences the type of failure mode (rupture of strand and crushing of concrete). 

In this research, the HSSS strands were stressed to 65% of their ultimate strength. A higher 

percentage was used by the Louisiana Department of Transportation in construction of piles using 

HSSS strands (Brown 2018); the specified initial stress in HSSS strands was 70% of their ultimate 

stress. As of 2020, a total of 17 projects used HSSS strands, but information about the initial stress 

in HSSS strands used in other projects is not available to the authors.  

The stress in carbon steel strands immediately prior to transfer is typically 75% of their ultimate 

strength (0.75 x 270 ksi = 202 ksi). Typical losses are often estimated at about 25 ksi, resulting in 

an effective stress of about 175 ksi. This results in nearly 95 ksi (270 ksi – 175 ksi) stress available 

for the failure limit state. For concrete members prestressed with HSSS and designed to fail due to 

rupture of strand (i.e. the strand reaches 240 ksi), the HSSS strands need to provide the same 95 

ksi available stress for the failure limit state. Therefore, the effective stress needs to be about 145 

ksi (240 ksi – 95 ksi). Using the same assumption for prestress losses of about 25 ksi, the initial 

stress would be 170 ksi (140 ksi + 25 ksi). Therefore, the initial stress for rupture of strand failure 

mode can be estimated at 70% of the 240 ksi ultimate strength (170/240 ≈ 0.70). Note that the 

reserved stress that is available between the effective stress and failure limit state is lower than 95 
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ksi when members are designed to fail due to crushing of concrete because the stress in the bottom 

layer of HSSS strands is lower than 240 ksi. However, for concrete members designed to fail due 

to crushing of concrete (i.e. slab girders), those members are most likely controlled by service III 

not strength I limit state. In other words, the required number of strands is determined to satisfy 

tensile stress limits, which results in a larger number of strands than strength I limit state requires. 

Thus, the total initial stress when service III limit state controls the design is larger than when the 

design is controlled by strength I limit state. 

The maximum recommended stress in HSSS strands immediately prior to transfer is 70%. Note 

that the jacking stress may be more than the design stress because the latter must be adjusted in 

the construction yard to include seating losses and to accommodate compensation for temperature 

differences. The maximum recommended allowable jacking stress for HSSS strands is 75% of 

their ultimate strength. 

Initial stress is more of a design variable when HSSS strands are used because of the brittle 

behavior of the strands. A lower initial prestress might be chosen to allow for ductility for the 

overload condition. 

9.7 Summary 

HSSS strands are new to the construction industry, and no design guidelines/specifications or 

codes have been drafted yet to assist engineers in the design of concrete flexural members 

prestressed with HSSS strands. The proposed design guidelines are summarized below. 

1. Two failure modes, crushing of concrete and rupture of strands, are feasible when HSSS 

strands are used in flexural concrete members. 

2. A non-iterative approach is proposed to determine the nominal flexural resistance of a 

rectangular beam prestressed with HSSS strands. For flanged sections prestressed with HSSS 

strands, a simple iterative approach is proposed to determine the nominal flexural resistance. 

3. The recommended failure mode for I-girder sections such as AASHTO Type II is rupture of 

strand. In this case, the member fails due to rupture of the strands before the concrete in the 

compression zone reaches its ultimate strain. The ductility of the member is a function of the 

strain in the extreme compression fiber. Therefore, it is recommended that the concrete strain 

at the extreme compression fiber be greater than (𝑓!"+5)/10,000 at failure. A numerical equation 

is proposed to determine the minimum reinforcement ratio to ensure that the concrete strain in 

the extreme compression fiber reaches inelastic strain before failure. 
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4. The recommended failure mode for slab girders is crushing of concrete. In this case, the 

member fails due to crushing of concrete in the compression zone before the strands reach their 

ultimate stress. The ductility of the member is a function of the strain in the HSSS strands. 

Therefore, it is recommended that the net tensile strain in the bottom layer of HSSS strands be 

greater than 0.005 at failure. A numerical equation is proposed to determine the maximum 

reinforcement ratio to ensure that the net tensile strain in the bottom layer of strands is greater 

than 0.005. Net tensile strain lower than 0.005 is acceptable after ensuring that the designed 

section exhibits large deformability at failure equivalent to the same section designed with 

carbon steel strands. Further research is needed to establish this net tensile strain limit for 

design purposes. 

5. Until further studies, a strength resistance factor of 0.75 is recommended for both crushing of 

concrete and rupture of strand failure modes. More research is needed to determine the strength 

resistance factors for HSSS strands by conducting a reliability analysis.  

6. The maximum recommended stress in HSSS strands immediately prior to transfer is 70% of 

their guaranteed ultimate strength, and the initial jacking stress shall not be greater than 75%. 
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CHAPTER 10 SHEAR TEST 
 

10.1 Introduction 

The main objectives in designing any concrete structure are strength, safety and durability. The 

strength and safety of the structure are directly related to its durability. Durability can be 

maintained by protecting the internal reinforcement. In bridges in extremely aggressive 

environments, the superstructure components, i.e. slabs and girders, are susceptible to corrosion 

damage, and they deteriorate when their reinforcing materials corrode. Corrosion of reinforcing 

materials happens when chloride ions exist; chloride ions can penetrate through the concrete and 

reach reinforcement. To improve durability of concrete members in extremely aggressive 

environments, corrosion-resistant and/or corrosion-free materials may be implemented for both 

longitudinal and transverse reinforcement. Corrosion-resistant strands, e.g., HSSS, can address 

corrosion issues in horizontal reinforcement, but corrosion also occurs in transverse reinforcement. 

One available option for the transverse reinforcement us GFRP bars. The corrosion-free property 

of GFRP bars makes them appealing for use in prestressed concrete bridges in harsh environments. 

However, they are known to have low transverse shear capacity. Stainless steel bars are another 

viable option for the transverse reinforcement. They have high corrosion resistance and seem to 

be a very promising choice for use in concrete structures in severe environments. However, the 

high corrosion resistance of stainless steel bars comes with a price. The initial cost of stainless 

steel bars is significantly higher than that of carbon steel bars. On the other hand, stainless steel 

bars may reduce maintenance and inspection costs and associated disruptions to the public. 

Even though the designed service life of a prestressed concrete member can be enhanced with 

the use of GFRP or stainless steel bars as shear reinforcement, the member capacity needs to be 

evaluated. The mechanical characteristics of GFRP or stainless steel bars can significantly 

influence the shear behavior, failure mode, and ultimate load carrying capacity of prestressed 

concrete members. Insufficient, limited information is available to practicing engineers regarding 

the shear performance of prestressed members reinforced with GFRP or stainless steel stirrups. 

The lack of large-scale experimental data has delayed the use of GFRP and stainless steel rebars 

as shear reinforcement in prestressed concrete flexural members.  

This chapter covers an experimental program to investigate the shear behavior of pretensioned 

concrete I-girders with either GFRP or stainless steel rebars as shear reinforcement. Also, this 

experimental program investigated the effect of using stainless steel strands as the main 
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longitudinal strands on the shear behavior of prestressed concrete girder. The behavior of the tested 

girder was evaluated for the cracking and ultimate loads, load-deflection response, shear capacity, 

strain in the transverse reinforcement, and failure mode. The experimental shear capacities are 

compared with the predicted shear capacities from the current ACI and AASHTO LRFD 

provisions.   

10.2 Literature review 

10.2.1 Glass Fiber Reinforced Polymer rebars 

Fiber Reinforced Polymer (FRP) bars are commercially available as reinforcement for 

reinforced and prestressed concrete members. The most known and used FRPs in the construction 

industry are carbon (CFRP), aramid (AFRP), and glass (GFRP). CFRP was first used as primary 

flexure and shear reinforcement in a bridge in Canada in 1994 (Rizkalla and Tadros 1995). GFRP 

bars have become more attractive to the construction industry due to their lower cost compared to 

the other types, CFRP and AFRP (Ahmed et al. 2010). Several studies have evaluated the 

performance of reinforced concrete members with GFRP bars as shear reinforcement in normal 

strength concrete (Ahmed et al. 2010; Guadagnini et al. 2006; Johnson and Sheikh 2016), high-

strength concrete (El-Sayed et al. 2006), and geopolymer concrete (Maranan et al. 2017). As a 

result, many concrete structures have utilized GFRP bars as the primary reinforcement (Rossini 

and Nanni 2019). Since FRP bars have attracted the construction industry, many design codes and 

specifications have been developed worldwide to guide engineers in designing FRP reinforced 

concrete structures, such as American Concrete Institute ACI 440.1R (2015), Canadian Standards 

Association S806 (2012), and AASHTO LRFD Bridge Design Specifications (2018). 

FRP bars are corrosion-free; this characteristic makes them desirable in concrete applications 

in extremely aggressive environments where corrosion is an issue and long-term resistance to 

corrosion is needed. FRP bars are nonmetallic and therefore have different bond characteristics 

compared to that of traditional steel bars (Ahmed et al. 2010). Moreover, FRP bars have different 

mechanical properties as well. Both bond and mechanical characteristics of FRP bars have a 

significant effect on the flexural behavior of FRP-reinforced concrete members. The flexural 

rigidity of an FRP-reinforced concrete beam is lower than an equivalent beam reinforced with 

traditional steel bars because of the lower elastic modulus of FRP bars. In addition, the shear 

capacity of a reinforced concrete member with FRP bars as shear reinforcement is expected to be 
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lower than one with traditional steel bars. Thus, FRP bars cannot directly replace traditional steel 

bars.  

In North America, a significant number of bridges are girder-type, which consists of 

longitudinal girders, deck slabs, and barriers (Ahmed et al. 2009). Corrosion-free and/or corrosion-

resistant bars and tendons are attractive for this type of bridge located in severe environments such 

as marine and cold regions where deicing salts are used. In girder-type bridges, usually prestressed 

concrete girders are precast off-site, and the deck slab is cast on site. The advantage of adding a 

composite deck slab is to increase the stiffness and load carrying capacity of the section. The 

vertical shear stirrups are extended out of the girder’s top face and into the slab to provide interface 

shear capacity for the composite section. The interface shear capacity depends on multiple 

parameters such as the top surface finish of the girder, amount of transverse reinforcement crossing 

the interface, and the type and/or grade of reinforcement (Patnaik 2001). Interface shear failure 

happens when the two concrete sections (the slab and girder) slip at the interface joint. Once 

slippage occurs, the composite section loses its monolithic behavior, and the girder and deck slab 

act independently. 

To the authors’ knowledge, limited studies have been performed to investigate the shear 

capacity of prestressed concrete girders with GFRP bars as shear reinforcement. (Nabipay and 

Svecova 2013) conducted an experimental investigation on the shear behavior of CFRP prestressed 

concrete T-beams with GFRP as shear reinforcement. (Alkatan 2016) studied the interface shear 

resistance of GFRP bars in 20 large scale push-off specimens. It was concluded that a minimum 

interface reinforcement ratio of 0.405%, or in other words a minimum reinforcement stiffness of 

29.44 ksi, is required to activate the GFRP bars to resist transverse shear. (The reinforcement 

stiffness, 𝐸𝜌, is the elastic modulus times reinforcement ratio of bars). The mechanical properties, 

such as elastic modulus, of the GFRP bars differ from one manufacturer to another. Therefore, the 

reinforcement stiffness is a more general term, which can be used for any GFRP type. The use of 

GFRP bars as shear reinforcement in prestressed concrete girders has been very limited mainly 

due to the lack of research, sourcing and availability, and their high initial cost. Also, the mentioned 

design codes and specifications do not include any equations to determine the shear capacity of a 

prestressed concrete girder with GFRP bars as shear reinforcement. 
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10.2.2 Stainless steel rebars 

Stainless steel rebars have high corrosion resistance and have been used in the construction 

industry for many decades. Stainless steel rebars have comparable, mostly higher, mechanical 

characteristics as carbon steel rebars. Stainless steel rebars have been used as main reinforcement 

in deck-slabs in bridges in cold regions where deicing salts are used. More information about 

stainless steel rebars can be found in Section 2.7.1. 

10.3 Experimental program 

10.3.1 Material properties 

10.3.1.1 Glass Fiber Reinforced Polymer rebars 

GFRP bars were selected because of their lower cost compared to CFRP and AFRP rebars. 

Information about mechanical properties of the GFRP bars used in this experimental program can 

be found in Section 4.2.4.2. 

10.3.1.2 Stainless steel rebars 

Duplex stainless steel rebars Grade 75 were selected because of their high strength and 

corrosion resistance compared to other stainless steel types. The stainless steel rebars used in this 

study satisfied the FDOT requirements per FDOT Standard Specifications for Road and Bridge 

Construction Section 931 (2020). Information about mechanical properties and chemical 

composition of the stainless steel bars used in this experimental program can be found in Section 

4.2.4.2. 

10.3.1.3 Prestressing strands 

Two types of prestressing reinforcement were used, carbon steel and HSSS strands. Table 10-1 

shows the mechanical properties of both types of strands, provided by the manufacturer. Note that 

the properties differ, especially the ultimate strain and modulus of elasticity. More information 

about the mechanical and bonds strength properties of HSSS strands can be found in Chapter 3. 

10.3.1.1 Concrete 

Two types of concrete were used, self-consolidating concrete (SCC) for the girders and 

normal-weight concrete for the deck slabs, with specified strengths of 10 ksi and 6.5 ksi, 

respectively. Several cylinders were taken from the concrete batches used to cast the girders and 

deck slabs and were tested on the day of the shear test.  
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Transverse  

Table 10-1 Mechanical properties of the HSSS and carbon steel strands 

Mechanical properties HSSS strands  
Grade 2205 

Carbon steel strands  
Grade 270 

Diameter (in.) 0.6 0.6 

Area (inV) 0.2328 0.2184 

Yield strength (lb) 52,919 55,500 

Breaking strength (lb) 59,755 60,900 

Ultimate strain (in./in.) 1.90 6.33 

Modulus of elasticity (ksi) 24,400. 28,700 
 

10.3.2 Specimen fabrication 

Three of the eight 42-ft-long AASHTO Type II girders were tested in shear. Those were 

Girders A2, A3, and B3. More information about fabrication of the girders can be found in Section 

4.2.5. Table 10-2 shows the testing matrix of this experimental program. Girders A2 and A3 had 

11 0.6-in.-diameter, low-relaxation Grade 270 carbon steel strands as longitudinal prestressing. 

The transverse reinforcement of Girder A2 was GFRP rebars, while Girder A3 had stainless steel 

rebars. Girder B3 had 11 0.6-in.-diameter HSSS strands as longitudinal prestressing and stainless 

steel rebars as transverse reinforcement. Girders A2 and A3 had the same prestressing 

reinforcement type, ratio, and force, but different transverse reinforcement type and ratio. Girders 

A3 and B3 had different prestressing reinforcement type, ratio, and force, but the same transverse 

reinforcement type and ratio. Even though all girders had the same number of strands, the 

reinforcement ratio was different. The area of HSSS strands is larger than that of carbon steel 

strands. The prestressing ratio was 0.408% for Girders A2 and A3 and 0.438% for Girder B3. The 

total prestressing force was 482.9 kips for Girders A2 and A3 and 409.2 kips for Girder B3. 

 

Table 10-2 Test matrix for shear testing 

Reinforcement Specimens 

                                                

                   
GFRP Stainless steel 

Carbon steel strands Girder A2 Girder A3 

HSSS strands - Girder B3 

Longitudinal  



173 

Figure 4-1 presents the confinement and vertical reinforcement layout. Note that they are not 

identical in the two end regions. The configuration in the narrow spacing end represents FDOT 

standardized end region reinforcement detailing. The confinement and vertical reinforcement 

spacings were increased at the other end, wide spacing end. The wide spacing end was detailed 

and tested to investigate a more extreme case and its effect on shear resistance for the girders. 

Three bar types for vertical reinforcement – bars 4K, 4Y, and 5Z – were used and bundled when 

spaced together as shown in Figure 4-1. Both the 4K and 5Z bars have 90-degree hooks at the 

bottom and top, and the direction of the 90-degree hook bars was alternated. Bars 4Y and 5Z were 

within the girder, and the 4K bars extended out of the top of the girder to provide interface shear 

resistance between the girder and deck slab. The use of 4Y and 5Z bars was limited to regions in 

which bursting and spalling stresses were of concern. The confinement reinforcement, bars 3D1, 

was placed along the first 56 in. from each end of the girder to resist bursting stresses when the 

strands were released. The confinement reinforcement was extended to more than the predicted 

transfer length to minimize cracking in the ends of the girder. The predicted transfer length was 

36 in., which was calculated based on AASHTO LRFD design provisions. Minor web splitting 

cracks were noticed after releasing the strands. More information about transfer length of 0.6-in.-

diameter carbon steel and HSSS strands can be found in Chapter 5. 

Specimens were identified by the following naming convention: the first part is either A (for 

the specimen with carbon steel strands) or B (for the specimen with HSSS strands). The second 

part is either 2 (for the specimen with GFRP rebars as shear reinforcement) or 3 (for the specimen 

with stainless steel rebars as shear reinforcement). The last part is either 1 (for the first shear test, 

which had a wider shear spacing) or 2 (for the second shear test, which had narrow shear spacing 

for the first 36 in. from the edge of the specimen) or 3 (for the third shear test, mid span test of 

Girder A2). For example, A3_1 refers to the first shear test of a specimen that was prestressed with 

carbon steel strands and had stainless steel rebars as shear reinforcement. 

10.3.3 Test setup 

Girder A3 and Girder B3 were first tested in flexure (without breaking the specimen) and then 

in shear twice. However, Girder A2 was tested three times in shear. Figure 10-1, Figure 10-2, and 

Figure 10-3 show the test sequences of each girder. For Girder A3, a deck slab was cast before the 

flexure test, Figure 10-2. For Girder B3, a deck slab was cast after the flexure test, Figure 10-3. 

The flexure tests were terminated before failure of the members in the mid region. For the shear 
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tests, the specimen was simply supported and tested using a three-point loading scheme as shown 

in Figure 10-4. A thick reinforced neoprene bearing pad was put under the loading plates and over 

the supports to prevent any local failure and premature crushing. The dimensions of the bearing 

pad under the loading plates and over the supports were 15 in. x 10 in. x 3 in. and 12 in. x 10 in. x 

2 in. (length, width and thickness), respectively. The load was applied incrementally using a 400-

ton hydraulic jack and a loading rate of 0.25 kip/sec until failure. The loading was stopped when 

an audible noise happened, which was a sign of the origination of the first shear crack. The crack 

was marked, and the girder was reloaded until failure. 

For the shear test at the ends (Figure 10-4), the clear and shear span lengths were 33 ft and 7 

ft, respectively. The clear span length was set to ensure that the untested end remain undamaged 

throughout the first shear test and to ensure shear failure in the tested end. After the first end was 

tested, the girder was rotated, and external clamps were installed in the mid span region (only in 

Girder A3 and Girder B3) to prevent flexure failure. Then, the other side was tested in shear. Given 

that the mid-span region of Girder A2 was not affected during the first two shear tests, it was 

decided to continue with a third shear test as shown in Figure 10-1. The clear and shear span 

lengths for the third test were 14 ft and 7 ft, respectively. 

 
Figure 10-1 Test sequence Girder A2 

 
Figure 10-2 Test sequence Girder A3 
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Figure 10-3 Test sequence Girder B3 

 
Figure 10-4 Shear test setup 

10.3.4 Instrumentation 

At the precast plant, seven stirrups at each end were instrumented with strain gages to monitor 

the development of strain in the stirrups during the shear test as shown in Figure 10-5. The strain 

gages on the stirrups were instrumented at mid height of the girder, 18 in. from the bottom face of 

the girder. In the testing lab, four strain gages were installed on the top of the slab, close to the 

loading point, to measure the concrete strain as shown in Figure 10-6. Rosette strain gages were 

placed on the web within the shear span to calculate the principal strains, which can be used to 

determine the cracking load, Figure 10-7. Four strands in the bottom layer were instrumented with 

end-slip gages to measure the strand slippage during the shear test as shown in Figure 10-8. For 

Girder A2, shaft gages were installed to measure relative displacement between the deck-slab and 
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girder as shown in Figure 10-9. No shaft gages were used in the first shear test (Girder A2_1). For 

the second shear test (Girder A2_2), four shaft gages were used; two were installed at the end face 

of the girder, and two were installed at 38 in. from the end face of the girder. For the third shear 

test (Girder A2_3), only one shear span was instrumented with shaft gages; two shaft gages were 

installed at the support, and the other two were installed at 38 in. from the support. The deflection 

of the girder was measured with laser-displacement sensors placed at the load point and at several 

locations along the girder as shown in Figure 10-10. A load cell was attached to the actuator to 

monitor load. Throughout testing, load, displacements, internal and external strains, strand slip, 

and relative displacement between the deck slab and girder were recorded using a 30-channel data 

acquisition system at a rate of 10 Hz. The specimens were loaded until failure occurred. 

 
 Figure 10-5 Strain gages attached to the 

stirrups 

 
Figure 10-6 Strain gages at the top of the slab 

 

 
Figure 10-7 Rosette strain gages at the shear 

span 

 
Figure 10-8 End-slip gages 

 

Strain gages 

Stainless 
steel 
stirrups 

Strain gages 

Rossette strain gages 

End-slip gages 
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Figure 10-9 Shaft gages 

 
Figure 10-10 Deflection gages 

10.4 Interface shear reinforcement 

The interface shear reinforcement ratio, which quantifies the amount of reinforcement along 

the interface shear plane, for the first 36 in. was greater than the rest of the specimen: 0.603% as 

opposed to 0.301%. In other words, in Girder A2_2, the first 36 in. had double the shear 

reinforcement than the rest of the beam. For Girder A3 and Girder B3, the interface shear 

reinforcement ratio was 0.278% for the 6-in. spacing region and 0.555% for the 3-in. spacing 

region. 

Generally, shear stresses along the interface are resisted by the concrete surface and the shear 

reinforcement across the shear plane. According to AASHTO LRFD, the interface shear resistance 

(𝑉50) can be calculated using AASHTO Equation 5.7.4.3-3, which is given in Equation 10-1 

𝑉50 = 𝑐𝐴!$ + 𝜇	(𝐴$%𝑓/ + 𝑃!)    Equation 10-1 

where c and 𝜇 are cohesion and friction factors, respectively; 𝐴!$ is area of concrete considered 

to be engaged in interface shear transfer; 𝐴$% is area of interface shear reinforcement crossing the 

shear plane within the area 𝐴!$; 𝑓/ is the yield stress of reinforcement; and 𝑃! is permanent net 

compressive force normal to the shear plane. 

The concrete along the interface plane provides cohesion between the slab and girder, while 

the interface shear reinforcement provides clamping stresses to hold the slab and girder together. 

Note that the top fiber of the girder had a smooth surface, which does not provide significant 

cohesion stress. If the shear stresses are higher than the clamping stresses by the reinforcement, 

then the section fails at the interface. Otherwise, the shear resistance increases beyond the cracking 

load as the shear stirrups provide additional strength. Therefore, a minimum interface 

Shaft gages 

Deflection 
gages 
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reinforcement ratio, 𝜌, shall be provided to raise the shear resistance beyond the cracking load. 

(Mattock 1974) recommended a minimum reinforcement ratio in terms of clamping stress of 0.2 

ksi for traditional steel rebars. This minimum clamping stress guarantees that additional shear 

strength is provided beyond the cracking load by the activation of the stirrups. 

GFRP rebars have different mechanical properties than traditional steel rebars, therefore the 

value of the minimum reinforcement ratio shall be studied. (Alkatan 2016) concluded that an 

interface reinforcement ratio of 0.405% of GFRP rebars, which is approximately double that for 

traditional steel bars, is required to activate the GFRP shear stirrups. Because GFRP rebars do not 

have a yield point, it is better to represent the interface reinforcement ratio by the interface 

reinforcement stiffness perpendicular to the shear interface surface. The reinforcement stiffness, 

𝐸𝜌, is represented by the elastic modulus and interface reinforcement ratio of bars. (Alkatan 2016) 

recommended a minimum interface reinforcement stiffness of 29.44 ksi for GFRP rebars. The 

elastic modulus of GFRP bars might be different among manufacturers. If the elastic modulus of 

the GFRP bars is lower than that used by (Alkatan 2016), which was 7252 ksi, then the 

reinforcement ratio shall be increased to meet the minimum required interface reinforcement 

stiffness.  (Alkatan 2016) found that the maximum strain of GFRP bars at the interface plane was 

approximately 5000 microstrain at ultimate load. Given the reinforcement stiffness and the 

maximum strain, the clamping stress was calculated. (Alkatan 2016) concluded that a minimum 

clamping stress of 0.148 ksi has to be provided to activate the GFRP shear stirrups to increase the 

shear strength beyond the cracking load. In this study, the interface reinforcement ratio and 

stiffness along the beam, except along the 36 in. at one end, were 0.301% and 21.19 ksi, which 

were lower than the minimum specified values recommended by (Alkatan 2016). Therefore, one 

can conclude that no additional shear strength was provided by the GFRP bars after cracking of 

concrete at the interface. According to the minimum GFRP interface shear reinforcement that will 

prevent interface shear failure, as reported by (Alkatan 2016), all three shear tests of Girder A2 in 

this study should fail at the interface. In this study, the lifting loop (Figure 4-9) may contribute to 

the interface shear resistance in the end regions, however, they are not considered in design. 

10.5 Experimental results 

All specimens were tested under static load up to failure. They exhibited linear behavior up to 

the formation of the first crack. The appearance of the first crack determines the limit of the 

concrete contribution to the total shear capacity of the specimen. Two methods were used to 
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determine the cracking load. The first method was based on the observation of the first crack during 

the shear test. Generally, a loud noise was accompanied by the appearance of the first crack. Once 

the first shear crack was spotted, the applied load was halted to document the cracking load, mark 

the crack, and measure the crack angle with respect to the horizontal axis. The second method used 

data from the rosette strain gages installed at the web of the girder at mid-point between the support 

and loading point. Maximum and minimum principal strains were calculated from the strains 

measured by the rosette gages. Figure 10-11 shows the minimum and maximum principal strains 

corresponding to the applied shear load. A rapid change, increase or decrease, in the minimum and 

maximum principal strains was a clear sign that the concrete cracked as shown in Figure 10-11. 

Table 10-3 presents the observed and calculated cracking loads of the specimens. The calculated 

shear forces are in good agreement with the observed ones. 

 
Figure 10-11 Principal strains for test specimens 

 
Table 10-3 Cracking shear force 

Specimen ID Observed (kips) Calculated using rosette gages (kips) 

Girder A2_1 (wide spacing) 180.9 180.9 

Girder A2_2 (narrow spacing) 192.6 187.8 

Girder A2_3 (mid span) 138.9 138.8 

Girder A3_1 (wide spacing) 178.7 178.8 

Girder A3_2 (narrow spacing) 179.3 177.9 

Girder B3_1 (wide spacing) 160.3 167.9 

Girder B3_2 (narrow spacing) 139.3 148.1 



180 

The cracking and ultimate loads, deflection at cracking and ultimate loads, and angle of the 

first crack are presented in Table 10-4. 

Table 10-4 Experimental shear results 

Specimen ID 
Cracking 

shear force 
(kips) 

Ultimate 
shear load 

(kips) 

Deflection at 
cracking 

shear force 
(in.) 

Deflection at 
ultimate load 

(in.) 

Angle of first 
crack 

(degrees) 

Girder A2_1 (wide spacing) 180.9 281.9 0.28 2.31 32 

Girder A2_2 (narrow spacing) 192.6 289.1 0.35 3.15 32 

Girder A2_3 (mid span) 138.9 240.7 0.17 0.75 30 

Girder A3_1 (wide spacing) 178.8 304.6 0.41 2.03 38 

Girder A3_2 (narrow spacing) 177.9 297.0 0.38 1.66 38 

Girder B3_1 (wide spacing) 167.9 288.2 0.26 2.65 30 

Girder B3_2 (narrow spacing) 148.1 277.5 0.23 2.11 30 

On average, three concrete cylinders were tested in compression for each member (girder and 

slab) on the day of the shear test except for Girder A2_3 and Girder B3_1. The specified concrete 

compressive strength for girder and slab were 10 ksi and 6.5 ksi, respectively. The average concrete 

compressive strengths of the members on the day of the shear tests are given in Table 10-5. 

 
Table 10-5 Concrete compressive strength at testing day of shear tests 

Specimen ID 
Compressive strength (psi) 

Girder Deck slab 

Girder A2_1 11,247 8,073 

Girder A2_2 11,104 7,707 

Girder A2_3 - - 

Girder A3_1 10,394 7,489 

Girder A3_2 10,491 7,756 

Girder B3_1 - 7,542 

Girder B3_2 11,459 7,456 

Experimental results are discussed in the following sections. 
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10.5.1 Girders prestressed with carbon steel strands 

10.5.1.1 Specimens with GFRP shear reinforcement (Girder A2) 

10.5.1.1.1 Load-deflection behavior 

Figure 10-12 shows the applied shear load versus deflection for the three tests on Girders A2_1, 

A2_2, and A2_3. Deflections are relative to the support and measured under the load point. Before 

cracking, deflection increased linearly with the applied load, Figure 10-12. The slope of the elastic 

part can be used to determine the stiffness of the specimens. Once the concrete cracked, the 

stiffness of the member decreased. Girder A2_1 and Girder A2_2 exhibited non-linear behavior 

due to continued reduction in the girder’s stiffness. A plateau in the shear load-deflection curve 

was reached, which indicated that the carbon steel strands had yielded. As the applied load 

increased, more cracks opened from the bottom flange, and existing cracks continued to propagate 

towards the top flange. Some of the cracks initiated from the support and propagated toward the 

top flange far from the point load, and these had a larger angle than that of the first crack. The 

largest measured crack angle was 52 degrees. Some flexural cracks began to form vertically in the 

bottom fiber around the applied load zone.  

 
Figure 10-12 Load-deflection relationship for Girder A2 

Girder A2_3 had completely different flexural behavior than that of Girder A2_1 and Girder 

A2_2. The difference was mainly due to the difference in clear span length, limited confinement 

and end region reinforcement at the supports, and possibly pre-existing flexural cracks from the 

previous shear tests. The clear span length of Girder A2_3 was 14 ft, while it was 33 ft for Girder 
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A2_1 and Girder A2_2. All three tests had the same shear span length of 7 ft. Ductility of members 

is significantly influenced by the clear span length as well as the shear reinforcement ratio. 

Ductility of the member is inversely proportional to the clear span length, while the ultimate 

strength of the member is directly proportional to the clear span length. The deflection of Girder 

A2_3 was reduced by approximately 39.3% and 51.4% from that of Girder A2_1 and Girder A2_2, 

respectively.  The ultimate shear capacity of Girder A2_3 was also reduced by approximately 16% 

compared to both Girder A2_1 and Girder A2_2. A sudden failure occurred in Girder A2_3. 

Girder A2_1 and Girder A2_2 had higher cracking loads than Girder A3_1 and A3_2, 

respectively, as shown in Table 10-4. This increase in cracking load is attributed to the difference 

in the concrete compressive strength of the girders on the day of the shear test, Table 10-5. The 

effect of different concrete strengths was eliminated by normalizing the measured shear forces 

with respect to the square root of measured concrete compressive strengths times bd, where the 

web width of the specimen (b) was 6 in., and the depth from the top fiber to the centroid of the 

strands (d) was 41.2 in. After normalization, the shear force was reduced approximately by 8% 

when transverse reinforcement changed from Grade 75 stainless steel rebars to GFRP rebars. 

10.5.1.1.2 Strain in the stirrups 

Seven stirrups, at each end of the girder, were instrumented with strain gages, installed during 

girder fabrication. For Girder A2, three strain gages were damaged: one strain gage AGF11, which 

was the middle gage in Girder A2_1 (Figure 10-13); and two strain gages AGF2 and AGF5 in 

Girder A2_2 (Figure 10-14). Note that as a concrete crack passed through or around a strain gage, 

the measured strain increased. Thus, the measured strain readings do not necessarily represent the 

strains along the entire stirrup. 

Figure 10-13 and Figure 10-14 show the applied shear load-strain response for stirrups in 

Girder A2_1 and Girder A2_2, respectively. Experimental results showed that stirrups were not 

stressed until the first shear crack occurred. Once the concrete cracked, the initiation of stress in 

the stirrups started. In Girder A2_1, the stirrups (AGF8, AGF9 and AGF10) closest to the support 

were engaged with the initiation of the first crack as shown in Figure 10-13. The stirrups close to 

the point load were engaged when the applied load reached approximately 90% of the ultimate 

load. The lifting hooks likely contributed to the shear resistance of the member:  the stirrups closer 

to the lifting hooks, AGF1 and AGF8, had lower strain at failure. 
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The strain in each stirrup was affected by the position of the stirrup within the shear span and 

the position of the strain gage with respect to the concrete crack, as mentioned above. Generally, 

the stirrups exhibited a higher strain at all loading levels in Girder A2_1, which had a lower shear 

reinforcement ratio than Girder A2_2. The recorded strain values at failure in the GFRP bars 

ranged from 0.00616 to 0.01376 and 0.00619 to 0.01394 for Girder A2_1 and Girder A2_2, 

respectively. Figure 10-13 and Figure 10-14 show that the stirrups closer to the support had lower 

ultimate strains than those closer to the applied load in both tests. The ultimate strain capacity of 

the No. 4 GFRP bars used in this study was 0.0172. The maximum recorded strain at failure was 

approximately equal to 80% of the ultimate strain capacity of the GFRP bars. The strains in all 

GFRP bars at ultimate load exceeded the allowable strain limit of 0.004 by ACI 440.1R-15 (2015); 

this limit is equal to 23.2% of the ultimate strain capacity of the GFRP bars. The first strain gages 

to reach 0.004 were AGF10 at 271 kips for Girder A2_1 and AFG7 at 340 kips for Girder A2_2.  

 
Figure 10-13 Load-stirrups strain for Girder 

A2_1 

 
Figure 10-14 Load-stirrups strain for Girder 

A2_2 
  

10.5.1.1.3 Strand slippage 

The amount or distribution of confinement reinforcement influences the anchorage of 

prestressing strands at the girder ends (Patzlaff et al. 2012). Confinement reinforcement at the 

girder ends gets activated once the concrete cracks. Lower confinement reinforcement increases 

the probability of strand slippage. 

Four strands at the bottom layer were instrumented with strand slip gages. Figure 10-15 and 

Figure 10-16 present the applied shear load versus the strand slippage in Girder A2_1 and Girder 

A2_2, respectively. For A2_3, no strands were monitored due to continuity of concrete at the 

supports. In Girder A2_1, one strand started to slip before the formation of the first crack; the other 

Load Load 
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three strands slipped at an applied shear load of 256.8 kips, approximately 91% of the ultimate 

shear load. This was correlated with a drop in the applied load. The slip of those three strands was 

accompanied by an audible sound. As the applied load increased, the slip in the strands increased 

as shown in Figure 10-15. The minimum and maximum strand slips were 0.0198 in. and 0.0383 

in., respectively, which occurred at an ultimate shear load of 280.3 kips.  

Figure 10-16 shows strand slip in Girder A2_2. Only two strands are plotted for clarity. The 

other two strands had lower ultimate slip at failure load. The first slip occurred in all four strands 

at an applied load of 278.9 kips, which is 96.5% of the ultimate load. The initiation of the strand 

slip happened simultaneously with a significant drop in the applied load, Figure 10-12. The 

minimum and maximum strand slips at failure load were 0.0160 in. and 0.0225 in., respectively. 

Although no significant gain in the applied shear load occurred after slip initiation of all strands, 

the deflection at ultimate increased to more than double as shown in Figure 10-12. 

The anchorage of the prestressing strands at the girder’s end is controlled by the amount or 

distribution of the confinement reinforcement (Patzlaff et al. 2012). The maximum strand slippage 

in Girder A2_1 was approximately 70% higher than in Girder A2_2, which can be attributed to 

the smaller confinement reinforcement ratio in Girder A2_1. 

 
Figure 10-15 Strand slip response in Girder 

A2_1 

 
Figure 10-16 Strand slip response in Girder 

A2_2 
10.5.1.1.4 Failure mode 

The interface shear behavior and load transfer mechanism of shear forces of concrete 

composite sections are controlled by concrete-to-concrete cohesion and dowel contribution. The 

ultimate interface shear capacity depends on the surface condition and transverse stirrups (Kahn 

and Slapkus 2004). A roughened surface and higher number of stirrups result in higher horizontal 
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shear capacity. The roughened finish strengthens the bond between the deck slab and girder as it 

interlocks the two sections. However, in this study, the surface of the girder’s top flange was 

smooth when the deck slab was cast.  

Girder A2_1 and Girder A2_2 failed in interface shear failure. As the applied load increased, 

the diagonal cracks propagated and reached the girder’s top flange. The concrete at the interface 

region started to lose adhesion mainly due to the smooth interface. The loss of adhesion resulted 

in engagement of the transverse reinforcement.  With further loading, most of the cracks reached 

the deck slab, and the concrete at the interface region started to flake. Spalling of concrete from 

the interface region was observed during the shear test, before ultimate failure, which was due to 

slip of the deck slab. At that moment, the GFRP stirrups held together the two sections thru dowel 

action and friction. Once slippage occurred, the section lost its composite behavior. The separation 

of the composite section resulted in a decrease in the stiffness of the member, which limited the 

ultimate shear capacity. The girder alone was not able to resist the applied load, and web shear 

failure occurred. Interface shear failure happened first, and as a result of that failure, web shear 

failure occurred. The interface shear failure happened due to the low transverse shear capacity of 

GFRP rebars. 

As mentioned before, no shaft gages were installed to measure interface displacement in Girder 

A2_1. However, the slip of the deck slab at failure can be visually seen and measured as shown in 

Figure 10-17 and Figure 10-18. The ultimate horizontal and lateral slips in Girder A2_1 were 

approximately 2 in. and 0.5 in., respectively. In Girder A2_2, slip of the deck slab was monitored 

using four shaft displacement gages. Shaft gages E3 and E4 were mounted at the end face of the 

girder, while shaft gages E1 and E2 were placed at 38 in. from the end of the girder towards the 

point load, one at each side. The deck slab started to slip at an approximate load of 283.6 kips, 

which was approximately 98% of the ultimate failure load. This is a clear reason that failure 

happened shortly after initiation of the slip of the deck slab. The maximum measured slip of the 

deck slab at failure load was 0.14 in. and 0.03 in. for E1 and E2 shaft gages, respectively. The deck 

slab slipped more at the gage closest to the loading point. 
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Figure 10-17 Horizontal interface 
displacement (Girder A2_1)  

Figure 10-18 Horizontal interface 
displacement (Girder A2_2) 

Figure 10-19a and Figure 10-20b show the Girder A2_1 and Girder A2_2, respectively, 

immediately after failure. After finishing both tests, concrete was removed in the shear span region 

to evaluate GFRP rebar integrity at the interface region as shown in Figure 10-19b and Figure 

10-20b. Seven GFRP bars were found broken in the Girder A2_1 as shown in Figure 10-19c. For 

Girder A2_2, four GFRP bars were found ruptured at the interface region as shown in Figure 

10-20c. The decrease in the number of ruptured GFRP bars between Girder A2_1 and Girder A2_2 

is attributed to the increase in the shear reinforcement ratio at the end region in Girder A2_2. The 

lifting hook, made from strands, likely contributed to the specimen’s interface shear capacity. All 

ruptured GFRP bars were beyond the lifting hooks towards the loading point in both tests. Figure 

10-21 shows the different types of failure of GFRP bars, ranging from fiber breakage to rupture. 

The two horizontal GFRP 5A bars in the girder’s top flange ruptured at ultimate load. At failure 

load, the concrete at the girder’s top flange on both sides split, and this mechanism may have 

resulted in the rupture of the GFRP bars. This failure indicated that the GFRP bars were not able 

to resist the applied load. Concrete spalling happened in the bottom flange close to the support at 

the level of the bottom layer of prestressing strands. The concrete spall was due to a post-failure 

effect. Visual inspection showed that one of the GFRP confinement bars broke at the bend region 

in Girder A2_1. As noted previously, GFRP rebars lose some of their strength at their bends due 

to the unidirectional characteristics of FRP material. 
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Figure 10-19 Concrete crushing and rupture 
of GFRP for Girder A2_1 

Figure 10-20 Concrete crushing and rupture 
of GFRP for Girder A2_2 
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Figure 10-21 Types of failure of GFRP bars 

 

Girder A2_3 failed in bond shear. Bond-shear failure is characterized by inclined cracks that 

initiate in the web and bottom flange near the support (Naji et al. 2016). Those cracks decrease the 

bond between the prestressing strands and the surrounding concrete and ultimately lead to slippage 

of strands. Some of the main reasons a member may fail in bond shear are limited confinement 

and end region reinforcement (Ross et al. 2011). Girder A2_3 was an academic exercise only as it 

included long overhangs, 14 ft, on both ends. Girders usually have only a few inches of overhang 

in the field. It has been reported that increasing the overhang length results in a nontraditional type 

of failure (Garber et al. 2016).  

Due to continuity of concrete over the supports, no strand slip gages were installed to monitor 

the strand slippage. Even though Girder A2_2 had confinement reinforcement, a significant slip 

of strand happened, Figure 10-16. For Girder A2_3, only GFRP stirrups, 4K bars, were provided. 

Therefore, there was a high possibility of strand slip to occur. The first crack occurred at an applied 

shear load of 138.9 kips, Figure 10-12, to the left of the load actuator. The crack formed from the 

top of the bottom flange above the support to the center of the top flange near the loading point. 

Slightly after the formation of the first crack on the left side, another crack occurred at the right 

side of the actuator at an applied load of 145 kips. The orientation of this crack was similar to the 

other side. As the load increased, multiple cracks formed on both sides of the actuator. These 

cracks propagated towards the support because of the unavailable confinement and end region 

reinforcements and possibly due to flexural cracks from previous shear tests. One of the cracks 

was horizontally aligned with the strands in the bottom flange near the support. This crack resulted 

in bond loss of some strands. As shown in Figure 10-22, multiple cracks propagated and reached 

the bearing support. The ultimate capacity of the member was limited by the available tension 

force in the strands, and it was reduced when strand slip occurred. Figure 10-22 is a photo of the 

right side of Girder A2_3 at failure. The failure of Girder A2_3 was abrupt and could be 
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categorized as bond-shear failure. The ultimate shear capacity of Girder A2_3 was approximately 

84% of the average of Girder A2_1 and Girder A2_2. Contrary to Girder A2_1 and Girder A2_2, 

no concrete spalled from the bottom flange at failure in Girder A2_3. 

 
Figure 10-22 Girder A2_3 at failure 

 
10.5.1.2 Specimens with stainless steel shear reinforcement (Girder A3) 

10.5.1.2.1 Load-deflection behavior 

Figure 10-23 shows the applied shear force versus deflection at the load point for the two tests. 

Deflection increased linearly with the applied load up to the formation of the first crack. The 

concrete contribution to the total shear capacity of the specimen was determined by the appearance 

of the first crack. The first crack was observed at shear forces of 178.7 kips and 179.3 kips for 

Girder A3_1 and Girder A3_2, respectively. After formation of the first crack, Girder A3_1 and 

Girder A3_2 exhibited non-linear behavior due to constant reduction in the girder’s stiffness. As 

load increased, a plateau in the shear force-deflection curve was reached, which was a sign that 

the longitudinal reinforcement had yielded as shown in Figure 10-23. The ultimate shear force for 

Girder A3_1 and Girder A3_2 was 304.6 kips and 279.0 kips, respectively. 

10.5.1.2.1 Strain in the stainless steel stirrups 

Seven stirrups, at each end of the girder, were instrumented with strain gages, installed during 

girder fabrication. The strain measurements were collected throughout the shear tests. Figure 10-24 

and Figure 10-25 show the location and name of each gage. Two strain gages malfunctioned from 

the beginning of the test: ASS1 in specimen A3_1 (Figure 10-24) and ASS10 in specimen A3_2 

(Figure 10-25). 
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Figure 10-23 Load-deflection relationship for Girder A3 

Before reaching the cracking load, no strain was measured in the stirrups (Figure 10-24 and 

Figure 10-25), which means the stirrups did not contribute to resist the applied load. After cracking, 

the stirrups were involved in resisting the applied load. As the applied load increased, the strain in 

the stirrups increased and eventually reached yielding. After yielding of one stirrup, the load 

transferred to another stirrup, and so on, until all stirrups yielded. The strain in almost all stirrups 

was beyond the yield strain, around 0.0028, at failure load. Generally, reducing the shear 

reinforcement ratio increases demand on the stirrups. The effect is clear in Girder A3. Strains in 

some stirrups in Girder A3_1 (Figure 10-24) were higher than those in Girder A3_2 (Figure 10-25). 

 
Figure 10-24 Load-stirrups strain for Girder 

A3_1 

 
Figure 10-25 Load-stirrups strain for Girder 

A3_2 

Load Load 
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10.5.1.2.2 Strand slippage 

Four strands at the bottom layer were instrumented with strand slip gages. Significant strand 

slip occurred only in Girder A3_1, which had wider confinement reinforcement compared to 

Girder A3_2. Strand slippage was observed only in one strand in both shear tests of Girder A3. In 

Girder A3_1, the strand started to slip at 228 kips shear force. A significant drop in the load-

carrying capacity occurred when the strand slip reached 0.0069 in. at a shear force of 304 kips. 

The strand kept slipping while the member deformed with no increase in the shear force. The 

strand slip at failure was 0.0150 in. After finishing testing Girder A3_1, the girder was rotated, 

and the other end, Girder A3_2, was tested. The maximum measured strand slip in Girder A3_2 

was 0.00016 in. The strand that slipped in Girder A3_1 was the same one that slipped in Girder 

A3_2. Despite the strand slip in both Girder A3_1 and Girder A3_2, the failure mode was the 

same, which was flexure-shear. 

Results showed that direct replacement of confinement reinforcement from Grade 75 stainless 

steel rebars (Girder A3) to GFRP rebars (Girder A2) resulted in a large increase in the strand’s slip 

at ultimate load. The confinement reinforcement stiffness of Girder A3 was approximately 3.8 

times more than that of Girder A2. Thus, it can be concluded that the anchorage of the prestressing 

reinforcement is significantly influenced by the confinement reinforcement stiffness. 

10.5.1.2.3 Failure mode 

Girder A3_1 and Girder A3_2 failed in flexure-shear, where concrete at the top fiber crushed 

around the load point. Inclined shear cracks propagated toward the point load, and failure occurred. 

Flexure-shear failure for Girder A3_1 is shown in Figure 10-26. Figure 10-27 shows the top of 

Girder A3_1 after failure where concrete was crushed. 

Experimental results show that direct replacement of the Grade 75 stainless steel stirrups 

(Girder A3) with GFRP stirrups (Girder A2) altered the failure mode from flexure-shear to 

interface shear failure. 
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Figure 10-26 Flexure-shear failure of Girder 

A3_1 

 
Figure 10-27 Crushing of concrete of Girder 

A3_1 

10.5.2 Girder prestressed with stainless steel strands 

10.5.2.1 Specimens with stainless steel shear reinforcement (Girder B3) 

10.5.2.1.1 Load-deflection behavior 

The shear force (calculated from the measured applied load) versus vertical deflection at the 

load point for both shear tests is shown in Figure 10-28. The shear force-deflection curves are 

divided into two regions, pre- and post-cracking. For the pre-cracking region, both specimens 

exhibited linear behavior up to the formation of the first crack. The appearance of the first crack 

determines the limit of the concrete contribution to the total shear capacity of the specimen. The 

first crack was observed at shear forces of 167.3 kips and 139.3 kips for Girder B3_1 and Girder 

B3_2, respectively. The slope of the pre-cracking stiffness deviated once the concrete cracked. For 

the post-cracking region, both specimens exhibited non-linear behavior due to constant reduction 

in the girder’s stiffness. A constant increase in the shear force-deflection curve was observed as 

shown in Figure 10-28. This behavior reflects the stress-strain shape of the HSSS strands. In case 

of girders prestressed with carbon steel strands (Girder A2), a plateau in the shear force-deflection 

curve was observed when the carbon steel strands have yielded as shown in Figure 10-12. The 

ultimate shear force for Girder B3_1 and Girder B3_2 was 288 kips and 278 kips, respectively. 
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Figure 10-28 Shear force versus deflection for Girder B3 

 
10.5.2.1.2 Strain in the stainless steel stirrups 

Seven stirrups within the shear span were instrumented with strain gages before casting 

concrete. The strain measurements were collected throughout the shear tests. Figure 10-29 and 

Figure 10-30 show the location and name of each gage. 

Figure 10-29 and Figure 10-30 show the shear force versus strain in the stirrups for Girder 

B3_1 and Girder B3_2, respectively. The data indicates that the stirrups did not contribute to resist 

the applied load before formation of the first crack. In other words, no strain was measured in the 

stirrups before reaching the cracking load. After reaching the cracking load, the stirrups were 

involved in resisting the applied load. Location and time of the formation of an inclined crack 

determined the appearance of the strain plateau in each bar. The length of the plateau varies 

depending on the location of the rebar and its contribution in resisting the applied load. As the 

applied load increased, the strain in the stirrups increased and eventually reached yielding. After 

yielding of one stirrup, the load transferred to another stirrup, and so on, until all stirrups yielded. 

From Figure 10-29 and Figure 10-30, the strain in almost all stirrups was beyond the yield strain, 

around 0.0028, at failure load. In Girder B3_2, one stirrup, BSS3, almost reached its ultimate 

strain, 0.0265. Multiple stirrups had strains in the strain hardening range. Several strain gages 

malfunctioned before reaching the specimen’s failure load, especially in Girder B3_1, Figure 

10-29. After shear tests, concrete was removed from the web in the shear span region to evaluate 
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the stirrups’ integrity. In Girder B3_2 specimen, rebar BSS3 was found broken, likely due to post-

failure effects. 

 
Figure 10-29 Load-stirrups strain for Girder 

B3_1 

 
Figure 10-30 Load-stirrups strain for Girder 

B3_2 
10.5.2.1.3 Strand slippage 

Strand slip was monitored using shaft gages on the bottom four strands. Strand slip occurred 

only in the specimen with the wider-spaced confinement reinforcement, Girder B3_1. The bottom 

corner strand in Girder B3_1 started to slip at 268 kips shear force, which was 93% of the ultimate 

shear force. The strand kept slipping until the member failed by crushing of the web. The strand 

slip at failure was 0.0145 in. The maximum recorded slippage in the other three strands was 0.0007, 

0.0017, and 0.0007 in. No significant strand slip occurred in Girder B3_2; the maximum slip at 

failure among the four instrumented strands was 0.0002 in. 

10.5.2.1.4 Failure mode 

Girder B3_1 and Girder B3_2 failed in web shear, where concrete in the web crushed as shown 

in Figure 10-31 and Figure 10-32. Crushing of concrete occurred along the concrete strut 

throughout the height of the web. Concrete damage in the web was observed to be more extensive 

in Girder B3_2 than in Girder B3_1. A large portion of concrete disintegrated from the web at 

failure in Girder B3_2 as shown in Figure 10-32. After failure, concrete was removed from the 

web to investigate the integrity of the stainless steel shear stirrups. It was found that one stainless 

steel shear rebar was broken in Girder B3_2. Although transverse shear reinforcement exhibited 

higher strain before failure, the stainless steel rebar broke due to post-failure effects. Additional 

damage due to post-failure effects was spalling of concrete from the bottom flange. 
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Figure 10-31 Web shear failure of Girder 

B3_1 

 
Figure 10-32 Web shear failure of Girder 

B3_2 
10.6 Code predictions 

The experimental cracking and ultimate shear capacity are presented in Table 10-6; the 

reported values include the effect of self-weight of the tested specimens. The shear capacity of a 

concrete member has two components: concrete strength and stirrup strength. From the 

experiments, the concrete contribution was determined from the cracking load, while the stirrups’ 

contribution was calculated by subtracting the concrete contribution from the shear capacity of the 

girder. 

Table 10-6 Experimental results for test specimens 

Specimen 𝑉!, kips 𝑉2<#, kips 𝑉2<# − 𝑉!, 
kips 

𝑉2<#
𝑉!-�  Failure mode 

Girder A2_1 189.0 290.0 101.0 1.50 interface 
shear failure 

Girder A2_2 200.7 297.2 96.5 1.48 interface 
shear failure 

Girder A2_3 142.2 244.0 101.2 1.71 bond-shear 
failure 

Girder A3_1 186.9 312.7 125.8 1.67 flexure shear 
failure 

Girder A3_2 186.0 305.1 117.1 1.64 flexure shear 
failure 

Girder B3_1 176.0 296.3 120.3 1.68 web shear 
failure 

Girder B3_2 156.2 285.6 129.4 1.83 web shear 
failure 

The measured experimental shear capacities were compared with the predicted values to verify 

the applicability of the code design expressions. AASHTO LRFD Bridge Design Specifications and 
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ACI 318 and ACI 440 were used to predict the shear strength of the tested specimens. The 

following sections demonstrate their use.  

10.6.1 AASHTO LRFD Bridge Design Specifications 

10.6.1.1 Concrete contribution (Vc) 

The concrete contribution (𝑉!) was calculated using AASHTO Equation 5.7.3.3-3, which is 

given in Equation 10-2, where concrete density (𝜆) was 1.0, web width (𝑏$) was 6 in., effective 

shear depth (𝑑$) was 36.9 in, and concrete compressive strengths on testing day (𝑓!") are given in 

Table 10-5. In this study, 𝑓&3 was taken equal to 𝑓&', where 𝑓&' is the jacking stress of the strands. 

The factor relating to the effect of longitudinal strain on the shear capacity of concrete (𝛽!) was 

calculated using AASHTO Equation 5.7.3.4.2-4, which is given in Equation 10-3. The net 

longitudinal tensile strain at the centroid of the tension reinforcement (𝜀') was calculated using 

AASHTO Equation 5.7.3.4.2-1, which is given in Equation 10-4. The ultimate shear force (𝑉2) and 

ultimate moment (𝑀2) were calculated at distance 𝑑$ from face of support. Table 10-7 presents 

the predicted concrete contribution of all specimens by AASHTO LRFD. 

𝑉! = 0.0316𝛽!𝜆z𝑓!"𝑏$𝑑$   Equation 10-2 

𝛽! =
R.a

(*SWUOT7)
    Equation 10-3 

𝜀' =
L6
EM
Sc6[757%5N

=57757S	=?7?<	
    Equation 10-4 

10.6.1.2 Stirrups contribution (Vs) 

For Girder A3 and Girder B3, the stainless steel stirrups’ contribution (𝑉') was calculated using 

AASHTO Equation 5.7.3.3-4, which is given in Equation 10-5, where area of stirrups (𝐴$) was 

0.2 in2, yield stress of stainless steel stirrups (𝑓/) was 75 ksi, and spacing of stirrups (s) was 6 in. 

The angle of inclination of diagonal compressive stresses (Θ) was calculated using AASHTO 

Equation 5.7.3.4.2-3, which is given in Equation 10-6. The AASHTO LRFD prediction of the 

stirrup contribution (𝑉') was found to be 164.2 kips and 164.5 kips for Girder A3_1 and A3_2, 

respectively, and 163.7 kips and 164.0 kips for Girder B3_1 and B3_2, respectively. 

𝑉' =
7M%>.Mdefg

'
     Equation 10-5 

Θ = 29 + 3500𝜀' Equation 10-6 

For Girder A2, the limitations of stirrup strength, provided in AASHTO LRFD Bridge Design 

Guide Specifications for GFRP-Reinforced Concrete Section 2.7.3.5, were considered. The GFRP 
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stirrups’ contribution (𝑉%) was calculated using AASHTO Equation 2.7.3.5-1, which is given in 

Equation 10-7, where area of stirrups (𝐴%$) was 0.217 in2 and spacing of stirrups (s) was 6 in. The 

tensile stress of GFRP stirrups (𝑓%$) was calculated using AASHTO equation 2.7.3.5-2, which is 

given in Equation 10-8, where the tensile modulus of elasticity of GFRP rebars (𝐸%)	was 7042.6 

ksi. The design tensile stress of the bent portion of GFRP rebars (𝑓%)) was calculated using 

AASHTO Equation 2.7.3.5-3, which is given in Equation 10-9, where the internal radius of the 

bent GFRP rebar (𝑟)) was 2 in., and the diameter (𝑑)) was 0.5257 in. The design tensile stress of 

GFRP rebars (𝑓%.) was 51.5 ksi, which was calculated using AASHTO Equation 2.4.2.1-1. The 

AASHTO LRFD prediction of the stirrup contributions (𝑉%) was found to be 67.2 kips, 67.1 kips 

and 65.9 kips for Girders A2_1, A2_2, and A2_3, respectively. 

𝑉% =
7@M%>M.Mdefg

'
  Equation 10-7 

𝑓%$ = 0.004	𝐸% ≤	𝑓%)  Equation 10-8 

𝑓%) = (0.05 -G
.G
+ 0.3)𝑓%. ≤	𝑓%.  Equation 10-9 

AASHTO LRFD (Article 5.7.4) was used to evaluate the interface shear capacity of Girder 

A2_1 and Girder A2_2 because they failed in interface shear. The limitations of stirrup strength, 

provided in AASHTO LRFD Bridge Design Guide Specifications for GFRP-Reinforced Concrete 

Section 2.7.4, were considered. The interface shear resistance (𝑉-0) was calculated using AASHTO 

Equation 5.7.4.3-3, which is given in Equation 10-10.  Note that the surface of the girder’s top 

flange was smooth when the deck slab was cast. Therefore, as specified in AASHTO Section 

5.7.4.4, the cohesion factor (c) was 0.075 ksi, friction factor (𝜇) was 0.6 ksi, friction of concrete 

strength available to resist interface shear (𝐾*) was 0.2, and limiting interface shear resistance (𝐾V) 

was 0.8 ksi. The area of concrete considered to be engaged in interface shear (𝐴!$) equals 𝑏$0𝐿$0, 

where the interface width (𝑏$0) was 12 in., and the interface length (𝐿$0) was 6 in. The area of 

interface shear reinforcement crossing the shear plane (𝐴$%) with the area (𝐴!$) was 0.217 in2. The 

permanent net compressive force normal to the shear plane (𝑃!) was assumed equal to zero. As 

specified in AASHTO LRFD Bridge Design Guide Specifications for GFRP-Reinforced Concrete 

Section 2.7.4, the yield stress (𝑓/) in Equation (9) was replaced with the design tensile strength of 

GFRP (𝑓%.), which was 131.4 ksi. By substituting all the values in Equation 10-10, the AASHTO 

LRFD prediction for the interface shear capacity (𝑉-0) was found to be 22.5 kips, which satisfied 
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the requirements given in AASHTO LRFD Equation 2.7.4.3-4 and Equation 2.7.4.3-5. The 

interface shear capacity (𝑉-0) per unit length was equal to 3.75 kip/in. Note that, during 

experiments, bars in the lifting hook likely contributed to the specimen’s interface shear capacity. 

𝑉-0 = 𝑐𝐴!$ + 𝜇(𝐴$%𝑓/ + 𝑃!)  Equation 10-10 

The experimental shear force at the loading point (𝑉2) was 287.1 kips and 294.3 kips for Girder 

A2_1 and Girder A2_2, respectively. The required interface shear force (𝑉20) was calculated using 

Equation 10-11, where the effective shear depth (𝑑$) was 36.9 in. The experimental interface shear 

force (𝑉20) was found to be 7.78 kip/in. and 7.98 kip/in. for Girder A2_1 and Girder A2_2, 

respectively. 

𝑉20 =
c6
.M

  Equation 10-11 

Calculations indicate that the experimental interface shear at failure load was more than double 

the interface shear capacity for both Girder A2_1 and Girder A2_2, which was calculated by the 

AASHTO LRFD design provisions given the condition of the girder.  Even though Girder A2 

failed by interface shear failure, the AASHTO LRFD design provisions conservatively predicted 

the interface shear force because Girder A2_1 and Girder A2_2 failed at an interface shear force 

more than double the predicted interface shear force. Based on AASHTO LRFD calculations, 

interface shear failure would have not occurred in Girder A2 if the surface condition at the interface 

region between the girder’s top flange and deck slab had been intentionally roughened. 

10.6.1.3 Results 

Table 10-7 presents the experimental and AASHTO LRFD predicted shear capacities of the 

specimens. Overall, AASHTO LRFD conservatively estimated the ultimate shear capacity of all 

specimens. Due to different mechanical properties of the HSSS strands, the prediction of the 

ultimate shear capacity of specimens prestressed with HSSS strands (Girder B3_1 and Girder 

B3_2) was less conservative than those prestressed with carbon steel strands (Girder A3_1 and 

Girder A3_2) as shown in Table 10-7. Moreover, the prediction of ultimate shear capacity of 

specimens reinforced with GFRP stirrups (Girder A2_1 and Girder A2_2) was more conservative 

than those reinforced with stainless steel stirrups (Girder A3_1 and Girder A3_2). 
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Table 10-7 Experimental and AASHTO LRFD predicted capacities for test specimens 

Specimen 

Experimental AASHTO LRFD 
𝑉2<#	

𝑉5,7789:;
 

𝑉!, kips 𝑉', kips 
𝑉2<#, 

kips 
𝑉!, kips 𝑉', kips 𝑉5, kips 

Girder A2_1 193.1 97.0 290.1 107.1 67.2 174.9 1.66 

Girder A2_2 200.7 96.6 297.3 106.3 67.1 173.4 1.71 

Girder A2_3 141.3 101.8 243.1 97.6 65.9 163.6 1.49 

Girder A3_1 186.9 125.8 312.7 101.2 164.2 265.4 1.18 

Girder A3_2 186.0 119.2 305.2 102.4 164.5 266.9 1.14 

Girder B3_1 176.0 120.4 296.4 104.5 163.7 268.2 1.11 

Girder B3_2 156.2 129.5 285.7 105.5 164.0 269.5 1.06 

 

10.6.2 ACI 318-19 

10.6.2.1 Concrete contribution (VC) 

First, the concrete strength (𝑉!) was calculated using the approximate method in Section 22.5.6.2 

of ACI 318-19, which is given in Equation 10-12, where concrete density (𝜆) was 1.0, web width 

(𝑏() was 6 in., the distance from the extreme compression fiber to the centroid of prestressed 

reinforcement (𝑑) was 41.2 in., and concrete compressive strengths on testing day (𝑓!") are given 

in Table 10-5. The ultimate shear force (𝑉2) and ultimate moment (𝑀2) where calculated at a 

distance 𝑑 from the face of the support. Table 10-8 presents the predicted concrete strengths, using 

ACI 318-19 approximate method, of all specimens. 

𝑉h = min

⎩
⎨

⎧(0.6𝜆z𝑓!
"+700 c6.

i6
)𝑏(𝑑

(0.6𝜆z𝑓!"+700)𝑏(𝑑
5𝜆z𝑓!"𝑏(𝑑

  Equation 10-12 

Second, the concrete strength (𝑉!) was calculated using the detailed method in Section 

22.5.6.3 of ACI 318-19. The flexure-shear strength (𝑉!0) was calculated using ACI 318-19 

Equation 22.5.6.3.1a, which is given in Equation 10-13; the distance from the extreme 

compression fiber to the centroid of prestressed reinforcement (𝑑&) was 41.2 in. The shear forces 

due to unfactored dead load (𝑉.), ultimate shear force (𝑉0), cracking moment (𝑀!-1), and ultimate 

moment (𝑀?+@) were calculated at a distance 𝑑& from the face of the support. 



200 

𝑉!0 = (0.6𝜆z𝑓!"𝑏(𝑑& + 𝑉. +
c9i?D8
iOPQ

)  Equation 10-13 

The web-shear strength (𝑉!() was calculated using ACI 318-19 Equation 22.5.6.3.2, which 

is given in Equation 10-14. The compressive strength at the centroid of the composite section was 

calculated using Equation 10-15; 𝑓&1 is the effective tensile stress of the strands in ksi, Aps is area 

of strands in in2, and Ag is area of the composite section in in2. 

𝑉!( = (3.5𝜆z𝑓!" + 0.3𝑓&!)𝑏(𝑑& + 𝑉.  Equation 10-14 

𝑓&! =
%58757
7R

 Equation 10-15 

Table 10-8 presents the predicted concrete strengths (𝑉!), which was the minimum of (𝑉!0) 

and (𝑉!(), of all specimens. 

10.6.2.2 Stirrups contribution (Vs) 

For Girder A3 and Girder B3, the stainless steel stirrups’ contribution (𝑉') was calculated using 

ACI Equation 22.5.8.5.3, which is given in Equation 10-16, where the area of stirrups (𝐴$) was 

0.2 in2, specified yield strength of stainless steel stirrups (𝑓/#) was 75 ksi, distance from the 

extreme compression fiber to the centroid of the prestressed reinforcement (𝑑) was 41.2 in., and 

spacing of stirrups (s) was 6 in. The ACI 318-19 prediction of the stirrups’ contribution (𝑉') was 

found to be 103.0 kips for Girder A3 and Girder B3.  

𝑉' =
7M%><.

'
  Equation 10-16 

For Girder A2, the transverse reinforcement contribution was calculated using ACI 440.1 R-

15, as the specimens were reinforced with GFRP stirrups. The GFRP stirrups’ contribution (𝑉%) 

was calculated using Equation 10-17, where the area of stirrups (𝐴%$) was 0.217 in2 and spacing 

of stirrups (s) was 6 in. The tensile stress in the GFRP stirrups (𝑓/$) was equal 0.004 𝐸%, where the 

tensile modulus of elasticity of GFRP rebars (𝐸%)	was 7,043 ksi. The ACI 440.1 prediction of the 

stirrup strength (𝑉%) was found to be 42 kips for Girder A2. 

𝑉% =
7@%>M.

'
  Equation 10-17 

10.6.2.3 Results 

Table 10-8 presents the experimental and ACI predicted shear capacities of the specimens. The 

ACI detailed method predicts the experimental results better than the ACI approximate method. 

Overall, ACI detailed method conservatively estimated the ultimate shear capacity of all 
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specimens. The prediction of the ultimate shear capacity of specimens prestressed with HSSS 

strands (Girder B3_1 and Girder B3_2) was less conservative than those prestressed with carbon 

steel strands (Girder A3_1 and Girder A3_2) as shown in Table 10-8. This difference is attributed 

to the differences in the mechanical properties of HSSS and carbon steel strands. Moreover, the 

prediction of the ultimate shear capacity of specimens reinforced with GFRP stirrups (Girder A2_1 

and Girder A2_2) was more conservative than those reinforced with stainless steel stirrups (Girder 

A3_1 and Girder A3_2). 

Table 10-8 Experimental and ACI predicted capacities for test specimens 

Specimen 
Experimental ACI approximate 

method ACI detailed method 
𝑉2<#	

𝑉5,7hj_.1#.
 𝑉!, 

kips 

𝑉', 

kips 

𝑉2<#, 

kips 

𝑉!, 

kips 

𝑉', 

kips 

𝑉5, 

kips 

𝑉!, 

kips 

𝑉', 

kips 

𝑉5, 

kips 

Girder 
A2_1 

193.1 97.10 290.1 131.0 42.0 173.0 152.9 42.0 194.8 1.49 

Girder 
A2_2 

200.7 96.6 297.3 130.2 42.0 172.1 152.3 42.0 194.2 1.53 

Girder 
A2_3 

141.3 101.8 243.1 130.6 42.0 172.6 152.6 42.0 194.5 1.25 

Girder 
A3_1 

186.9 125.8 312.7 126.0 103.0 228.9 149.1 103.0 252.0 1.24 

Girder 
A3_2 

186.0 119.2 305.2 126.5 103.0 229.5 149.5 103.0 252.4 1.21 

Girder 
B3_1 

176.0 120.4 296.4 132.3 103.0 235.2 145.5 103.0 248.5 1.19 

Girder 
B3_2 

156.2 129.5 285.7 132.3 103.0 235.2 145.5 103.0 248.5 1.15 

10.7 Summary 

The durability of concrete structures can be enhanced by implementing corrosion-resistant 

and/or corrosion-free materials for both longitudinal and transverse reinforcement. Corrosion-

resistant strands, i.e. HSSS, can address corrosion issues in horizontal reinforcement, but corrosion 

also occurs in transverse reinforcement. Some of the available options for the transverse 

reinforcement are GFRP and stainless steel rebars. 

Three 42-ft-long AASHTO Type II concrete girders were constructed. A deck slab was cast 

on top of the girder and made composite with the girder. One girder (Girder A3), the control, was 

prestressed with carbon steel strands and had Grade 75 stainless steel rebars as transverse 

reinforcement. The transverse reinforcement in the second girder (Girder A2) was changed from 
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Grade 75 stainless steel rebars to GFRP rebars to quantify the effect of GFRP stirrups on the shear 

behavior. The longitudinal reinforcement in the third girder (Girder B3) was changed from carbon 

steel strands to stainless steel strands to investigate the effect of using stainless steel strands on the 

shear behavior. The results were also compared with predicted capacities according to ACI and 

AASHTO LRFD.  The following conclusions were made: 

10.7.1 Effect of using GFRP rebars 

• Both ends of one prestressed concrete girder reinforced with GFRP stirrups were tested in 

shear. This experimental program only provides preliminary results for the use of GFRP 

stirrups in prestressed concrete girders. More testing is needed to develop a full design 

guideline and detailing for prestressed girders reinforced with GFRP stirrups. 

• The confinement reinforcement spacing for the first 12 in. at one end of the girder was 

double the current FDOT standard end region reinforcement detailing, the other end. Strand 

slippage occurred when the confinement reinforcement spacing was doubled. Therefore, 

increasing confinement reinforcement spacing is not recommended. 

• Direct replacement of confinement reinforcement from Grade 75 stainless steel rebars 

(Girder A3) to GFRP rebars (Girder A2) resulted in an increase in the strand slippage 

during shear tests. 

• The effect of the mechanical properties of the GFRP rebars is clear in the experimental 

data. Experimental results showed that direct replacement of shear reinforcement from 

Grade 75 stainless steel rebars (Girder A3) to GFRP rebars (Girder A2) reduced the 

ultimate shear capacity by approximately 8% and changed the failure mode from flexure 

shear to interface shear. The interface shear failure happened due to the low transverse 

shear capacity of GFRP bars and smooth interface between the girder and deck slab. At 

failure, multiple GFRP bars were found broken at the interface between the deck slab and 

girder. 

• No design code or specification has been developed yet to cover the use of GFRP rebars 

as stirrups in prestressed concrete members. ACI 318 and ACI 440 were used to predict 

the concrete and stirrups’ contributions to shear strength, respectively. Similarly, AASHTO 

LRFD Bridge Design Specifications and AASHTO LRFD Bridge Design Guide 

Specifications for GFRP-Reinforced Concrete were used to predict the concrete and 
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stirrups’ contributions to shear strength. Both ACI and AASHTO LRFD conservatively 

estimated the shear capacity of the tested specimens. 

• AASHTO LRFD Bridge Design Specifications and AASHTO LRFD Bridge Design Guide 

Specifications for GFRP-Reinforced Concrete were used to predict the interface shear 

resistance of Girder A2. Calculations indicate that the experimental interface shear force 

at failure load was more than double what was calculated by the design provisions based 

on the condition of the girder.  Even though Girder A2 failed by interface shear failure, the 

AASHTO LRFD design provisions conservatively predicted the interface shear force 

because Girder A2 failed at more than double the predicted interface shear force.  

• Based on AASHTO LRFD calculations, interface shear failure would have not occurred in 

Girder A2 if the surface condition at the interface region between the girder’s top flange 

and deck slab had been intentionally roughened. 

• The interface reinforcement stiffness for Girder A2 was 21.19 ksi, which was lower than 

the minimum specified values recommended by (Alkatan 2016), 29.44 ksi. Also, the 

cohesion factor was very low at the interface region due to the smooth surface condition of 

the concrete. Therefore, limited bond strength could be provided by the concrete. As a 

result, multiple GFRP rebars broke at failure as no additional shear strength could be 

provided by the GFRP rebars after cracking of concrete initiated at the interface. 

10.7.2 Effect of using stainless steel strands 

• Both ends of one HSSS prestressed concrete girder were tested in shear.  This experimental 

program only provides preliminary results for the use of HSSS strands as main longitudinal 

prestressing reinforcement in prestressed concrete girders. Due to a limited sample size, 

more testing is needed to develop shear design guidelines for concrete girders prestressed 

with HSSS strands. 

• The effect of the mechanical characteristics, stress-strain behavior, of the HSSS strands is 

clear in the experimental data. A constant increase in the shear force-deflection curve was 

seen in Girder B3 with no sign of a plateau, which reflected the stress-strain behavior of 

the HSSS strands. 

• The shear capacity estimated by ACI 318 and AASHTO LRFD Bridge Design 

Specifications was in good agreement with experimental results obtained from testing 

Girder B3, which was prestressed with HSSS strands. Until further research, both ACI 318 
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and AASHTO LRFD equations can be used to design concrete girders prestressed with 

HSSS strands in shear. 

• Both Girder A3 and Girder B3 were reinforced with stainless steel stirrups. Direct 

comparison cannot be made between Girder A3 and Girder B3 because they had different 

initial prestressing force, which affects the deflection behavior and shear cracking angle, 

which in turns affects the shear reinforcement contribution. 
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CHAPTER 11 SUMMARY AND CONCLUSIONS 
 

11.1  Summary 

This research program investigated the following: mechanical properties of 0.6-in-diameter 

HSSS strand; bond strength of 0.6-in.-diameter HSSS strand; fabrication of full-scale 42-ft-long 

AASHTO Type II girders prestressed with HSSS strands; transfer length of 0.6-in.-diameter HSSS 

strands; prestress losses of 0.6-in.-diameter HSSS strands; flexural behavior of girders prestressed 

with 0.6-in.-diameter HSSS strands; shear behavior of a girder prestressed and reinforced with 

stainless steel reinforcing materials; and shear behavior of a girder reinforced with GFRP stirrups. 

The research objectives were accomplished by conducting several tests. The research activities 

and tests were as follows. 

1. Twenty (20) 50-in.-long HSSS strands from two spools were tested in direct tension 

following ASTM A1061. Five (5) 50-in.-long HSSS strands from one spool were tested 

in direct tension using regular wedges. 

2. Six (6) HSSS strands from one spool were tested for bond strength following ASTM 

A1081. 

3. Ten (10) and three (3) 42-ft-long AASHTO Type II girders prestressed with HSSS 

strands and carbon steel strands, respectively, were fabricated at Dura-Stress, Inc., 

casting yard in Leesburg, FL. 

4. Transfer length tests were performed on eight (8) girders prestressed with HSSS strands 

and on three (3) girders prestressed with carbon steel strands. 

5. Two (2) and one (1) non-composite girders prestressed with HSSS strands and carbon 

steel strands, respectively, were tested in flexure. One of the two girders prestressed 

with HSSS strands was unloaded before failure and was tested later in shear at both 

ends after adding a deck-slab. Eight (8) composite girders prestressed with HSSS 

strands were tested in flexure. One (1) composite girder prestressed with carbon steel 

strands was tested in flexure; however, it was unloaded before failure and was tested 

later in shear at both ends. One (1) composite girder prestressed with carbon steel 

strands was tested in shear at both ends and at mid span. 
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11.2  Conclusions 

11.2.1 Conclusions drawn from experimental testing 

11.2.1.1 Tensile tests 

The mechanical properties of the HSSS strands are different from those of carbon steel strands. 

FDOT’s Standard Specification for Road and Bridge Construction (Section 933) and ASTM 

A1114 specify the minimum guaranteed mechanical properties for HSSS strands. The current 

available HSSS strands have lower ultimate strain and stress and elastic modulus than those of 

carbon steel strands. The most significant difference is in elongation. The minimum required 

elongation of HSSS strands is 40% of that of carbon steel strands.  

All tested strands satisfied FDOT and ASTM A1114 requirements. The stress-strain behavior 

of the HSSS strands was different between the two spools. A stress-strain equation is proposed for 

the 0.6-in.-diameter HSSS strands. The proposed equation fits the lower-bound curve of the tested 

strands in the elastic region, has a stress-strain shape similar to those of the tested strands, and 

satisfies FDOT and ASTM A1114 requirements. 

The mechanical properties of the HSSS strands tested using regular chucks were not 

significantly affected in the elastic region. Therefore, regular wedges can be used to tension HSSS 

strands in the casting yard.   

11.2.1.2 Bond strength tests 

The minimum and average strand bond strengths, following ASTM A1081, of six 0.6-in.-

diameter HSSS strands were 15,800 lb and 17,883 lb, respectively. Only 0.6-in.-diameter HSSS 

strands were tested for bond strength in this project. Therefore, experimental results obtained in 

this project were compared with bond strengths values recommended by PCI Strand Bond Task 

Group. The minimum and average experimental ASTM A1081 bond strengths were 23.4% and 

19.8% greater than the recommended values by PCI Strand Bond Task Group. It can be concluded 

that the 0.6-in.-diameter HSSS strand has an acceptable bond strength. 

11.2.1.3 Fabrication of girders prestressed with HSSS strands 

Two sets of girders prestressed with 0.6-in.-diameter HSSS strands were fabricated; each set 

consisted of five girders that were constructed in one casting bed using the long-line method of 

precasting. Girders prestressed with HSSS strands were fabricated using the same apparatus and 

procedure that were used for girders prestressed with carbon steel strands. One incident occurred 

during fabrication of the first five girders prestressed with HSSS strands, which were cast in one 
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bed. During cutting of the penultimate HSSS strand at one of the external ends, the last HSSS 

strand fractured at the chuck device. Two factors may have contributed to this incident. First, as 

each strand is cut, elastic shortening of the beam causes additional tension in the remaining uncut 

strands, between the end of the girder and the abutment. The last HSSS strand to be cut experiences 

the most accumulation of these tensile stresses. Because an HSSS strand has low ductility, it 

reached its ultimate strain and broke. A second factor that may have contributed to the breakage is 

the deviation of that HSSS strand. The end abutments in the casting bed used for the girders were 

made for only three layers of strands, while the girders were designed with four layers of HSSS 

strands. Therefore, one strand had to be deviated from the girder ends to the abutments. Changing 

the orientation of the strand creates force concentration from the grips on one side of the fractured 

HSSS strand. Due to the impact force from the strand failure, the external girder moved 

approximately 2 in., and the internal spacing between the girders was reduced. Based on this 

incident, it is recommended that HSSS strands not be deviated until further studies can be done to 

establish HSSS strand’s tolerance to kinks or deviations. Also, special attention shall be taken 

while cutting HSSS strands. The fabrication of the other five girders prestressed with HSSS strands 

went smoothly.  

11.2.1.4 Transfer length 

Girders were fabricated in the casting bed using the long-line method of precasting. The 

internal ends are more dominant in the long-line method. An analysis of the transfer length tests 

indicates that the measured transfer length at the first cut end (external end) is longer than that at 

the other cut ends (internal ends).  

The maximum-measured transfer length of 0.6-in.-diameter HSSS strands at 35 days was 21.5 

in., which was 40% less than that calculated by AASHTO. Therefore, it can be concluded that 

HSSS strand has good bonding with the surrounding concrete and that the AASHTO equation 

conservatively predicts the transfer length of 0.6-in.-diameter HSSS strands.  

Results revealed that the transfer length of HSSS strands increases with an increase in the 

initial prestressing force. The initial jacking force for each HSSS strand was 37.2 kips in the first 

set of girders and 36.0 kips in the second set of girders. The maximum transfer length at release at 

the first cut end (external end) in the first and second sets of girders was 21.5 in. and 19.7 in., 

respectively. Also, the average transfer length at release at the internal end in the first and second 

sets of girders was 15.9 in, and 13.0 in., respectively. 
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Multiple sensing technologies (DEMEC points, strain gages, and fiber optic sensors) were used 

in this research program to measure strains at the end regions to determine transfer length. DEMEC 

points and strain gages have been used by researchers to measure transfer length for many years. 

Fiber optic sensors are another type of technology available to measure transfer length. Strain 

distribution at the end regions obtained by internal and external fiber optic sensors were in good 

agreement with the strains measured using strain gages. Thus, the fiber optic sensor is another 

viable option that can be used to measure transfer length. 

11.2.1.5 Prestress losses 

Prestress losses in the strands were measured using vibrating wire strain gages. Vibrating wire 

strain gages cannot detect changes in the strands strain caused by relaxation of strands; therefore, 

AASHTO Equation 5.9.3.4.2c-1 was used to estimate the stress-relaxation losses. The estimated 

stress-relaxation loss was 1.49 ksi and 0.52 ksi for carbon steel and HSSS strands, respectively. 

The estimated stress-relaxation loss for HSSS was significantly lower than that for carbon steel 

strands because the stress in the HSSS strands immediately after transfer was lower than that in 

carbon steel strands. The measured stress losses by vibrating wire strain gages (not including losses 

due to relaxation of strands) in composite Girder A2 (prestressed with carbon steel strands) and 

Girder C2 (prestressed with HSSS strands) was 21.2 ksi and 21.0 ksi, respectively. The initial 

stress was 202.3 ksi for carbon steel strands and 161.7 ksi for HSSS strands. Thus, the measured 

prestress loss was 10.5% for carbon steel strands and 13.0% for HSSS strands. Even though the 

measured prestress losses were almost equal in carbon steel and HSSS strands, the percentage of 

prestress losses was larger for HSSS strands. Thus, it can be concluded that HSSS strands exhibited 

greater prestress losses than carbon steel strands. 

In the second set of girders, the initial stress in the HSSS strands was 156.5 ksi. The averaged-

measured prestress losses using vibrating wire strain gages (not including losses due to relaxation 

of strands) was 16.2 ksi, 14.0 ksi, and 10.7 ksi for girders prestressed with 11, 9, and 7 HSSS 

strands, respectively. The maximum measured total prestress losses in HSSS strands was 12.1% 

of the initial stress. The AASHTO LRFD approximate method was used to estimate the prestress 

losses in HSSS strands. The estimated total prestress loss by AASHTO approximate method was 

found to be on average 25.3% greater than the measured values. Until further studies, AASHTO 

equations can be used to estimate the prestresses losses of HSSS strands. 
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11.2.1.6 Flexural tests 

The post-cracking behavior of girders prestressed with HSSS strands continued to increase up 

to failure with no discernible plateau, which is different compared to girders prestressed with 

carbon steel strands. The differences in the post-cracking behavior are attributed to the differences 

in stress-strain behavior (mechanical properties) between the two strands. 

The flexural strength was higher for the girder prestressed with HSSS strands compared to the 

girder prestressed with carbon steel strands (control) when both girders had the same initial 

prestressing force (greater prestressing reinforcement ratio). The flexural strength of the non-

composite and composite girders prestressed with HSSS strands was approximately 11.7% and 

23.7%, respectively, greater than girders prestressed with carbon steel strands. This increase is 

attributed to the increase, 25.3%, in the prestressing reinforcement ratio in the HSSS girders. 

All composite girders failed due to rupture of strands where the bottom layer of HSSS strands 

reached their ultimate tensile strain before the concrete strain in the extreme compression fiber 

reached its assumed ultimate strain of 0.003. Even though the flexural behavior of the composite 

girders was controlled by the low ductility of the HSSS strands, the girders exhibited large reserve 

deflection and strength beyond the cracking load and provided significant and substantial warning 

through large deflection, as well as well-distributed and extensive flexural cracking, before failure. 

All composite girders prestressed with HSSS strands had ultimate deflection ranging from L/125 

to L/84; the denominator value decreases as the reinforcement ratio increases. Regardless of failure 

mode, girders prestressed with HSSS strands can achieve ultimate capacity and deformability as 

high as those prestressed with carbon steel strands.  Therefore, based on these experimental results, 

the recommended failure mode of I-girders prestressed with HSSS strands is rupture of strand. 

11.2.1.7 Shear tests 

Experimental results showed that direct replacement of shear reinforcement from Grade 75 

stainless steel rebars (Girder A3) to GFRP rebars (Girder A2) reduced the ultimate shear capacity 

by approximately 8% and changed the failure mode from flexure shear to interface shear. The 

interface shear failure happened due to the low transverse shear capacity of GFRP bars and smooth 

interface between the girder and deck slab. At failure, multiple GFRP bars were found broken at 

the interface between the deck slab and girder. Based on AASHTO LRFD calculations, interface 

shear failure would not have occurred in Girder A2 if the surface condition at the interface region 

between the girder’s top flange and deck slab had been intentionally roughened. 
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Strand slippage occurred during the shear test when the confinement reinforcement spacing for 

the first 12 in. was double the current FDOT standard end region reinforcement detailing. 

Therefore, it is not recommended to change/increase the current FDOT standard end region 

reinforcement detailing. Also, direct replacement of confinement reinforcement from Grade 75 

stainless steel rebars (Girder A3) to GFRP rebars (Girder A2) resulted in an increase in the strand 

slippage during shear tests. 

Both ACI and AASHTO LRFD conservatively estimated the shear capacity of the tested 

specimens. The average shear strength of Girder A2 (reinforced with GFRP stirrups) was 69% 

greater than AASHTO and 51% greater than ACI predictions. The average shear strength of Girder 

A3 (reinforced with stainless steel stirrups) was 16% higher than AASHTO and 23% higher than 

ACI predictions. The prediction of shear strength by design provisions (ACI and AASHTO) of 

Girder A2 is more conservative than that of Girder A3. 

A constant increase in the shear force-deflection curve was observed in Girder B3 (prestressed 

with HSSS strands and reinforced with stainless steel Grade 75 stirrups) with no sign of a plateau, 

which reflected the stress-strain behavior of the HSSS strands. Both ACI and AASHTO LRFD 

conservatively estimated the shear capacity of the tested specimens. The average shear strength of 

Girder B3 was 9% higher than AASHTO and 17% higher than ACI predictions. 

11.2.2 Conclusions drawn from analytical model 

1. Two failure modes (crushing of concrete and rupture of strands) are feasible when HSSS 

strands are used in flexural members. Rupture of strands failure requires a smaller number of 

prestressing strands than crushing of concrete failure. In one example, to change the failure 

mode from rupture of strand to crushing of concrete, the number of HSSS strands was increased 

by 7 strands (equivalent to a prestressing reinforcement area increase of 50%). The ultimate 

deflection at mid span was 7.3% greater, and the flexural strength was 38.3% greater, for the 

section that failed by crushing of concrete than for the section that failed by rupture of strands. 

Although more strength was achieved with the addition of seven strands, if the additional 

strength were not needed, then one could argue that it is not worth the expense to gain only 

7.3% more deflection. 

2. For I-girder sections, it is recommended to design the member to fail due to rupture of strand 

(for better economy). To ensure adequate deformability at failure, it is recommended that the 

concrete strain at the extreme compression fiber be greater than (𝑓!"+5)/10,000 at failure. 
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3. For slab girders, it is recommended to design the member to fail due to crushing of concrete. 

To ensure adequate deformability at failure, it is recommended that the net tensile strain in the 

bottom layer of HSSS strands be greater than 0.005 at failure. Net tensile strain lower than 

0.005 is acceptable after ensuring that the designed section exhibits large deformability at 

failure equivalent to the same section designed with carbon steel strands. Further research is 

needed to establish this net tensile strain limit for design purposes. 

4. Numerical equations are proposed to compute the nominal flexural resistance for rectangular 

sections prestressed with HSSS strands. Development of numerical equations can be found in 

Chapter 7. For flanged sections prestressed with HSSS strands, simple iterative approaches are 

proposed. Design flowcharts are given in Chapter 9. 

5. The recommended strength resistance factor is 0.75 for both crushing of concrete and rupture 

of strand failure modes. 

6. The recommended maximum allowable stress in HSSS strands at jacking and immediately 

prior to transfer is 75% and 70%, respectively, of their guaranteed ultimate strength.  

11.3 Suggestions for future research 

1. Relaxation losses of both sizes of HSSS strands need to be experimentally studied. AASHTO 

Equation 5.9.3.4.2c-1 needs to be modified for HSSS strands. 

2. Investigate tolerance to kinks or deviations of HSSS strands. 

3. A robust reliability analysis needs to be done to determine the strength resistance factors for 

concrete members prestressed with HSSS strands. 

4. Investigate the use of HSSS strands in post-tensioned concrete members. 
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Appendix A – Mill certificates for HSSS strands and carbon steel strands 

This appendix contains mill certificates, provided by manufacturer, for the two Duplex High-
Strength Stainless Steel (HSSS) spools used in this study. The mill certificate includes information 
about the mechanical properties of the HSSS strands.  The last three pages in this appendix are 
mill certificates for the carbon steel strands used in this study. 
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Appendix B – Design details drawings 

This appendix contains design details drawings for the girders. The drawings included all the 
information needed for construction. The first set of drawings is for Girders A1-A3, B2-B3, and 
C1-C3. The second set of drawings is for Girders E1-E5. 
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Type II

AASHTO

1.  Work Bar Bending Diagrams provided on this sheet with Index 415-001 for Beams A1, A3, B3,

    C1, C3, D1 and D2. Work Bar Bending Diagrams provided on this sheet with Developmental

    Design Standards Index D21310 for Beams A2, B2 and C2.

2.  All bar bend dimensions are out-to-out.

3.  Concrete cover: 2 inches minimum.

4.  Strands N: Ƅ" Ø minimum, stressed to 10,000 lbs. each. Strands N shall be Carbon Steel Strands.

5.  Place one (1) Bar 4K or 5Z at each location. Alternate the direction of the ends for each bar.

6.  Tie Bars 4K and 5Z to the fully bonded strands in the bottom or center row (see “STRAND

    PATTERN” on the Table of Beam Variables Sheet).  

7.  Place Bars 3D1 in beam END 1, and Bars 3D2 in beam END 2. 

8.  Contractor Options:

     A. Bars 3D1 and 3D2 may be fabricated as a two-piece bar with a 1'-0" minimum lap

        splice of the bottom legs.

9.  Cut wedges and Prestressing Strands at the end of the beam without damaging the surrounding

    concrete. See “STRAND CUTTING DETAIL.”

10. Provide material certifications to FDOT Structures Research Center.

11. Carbon Steel and Stainless Steel reinforcing bars shall be Grade 60 per Specification Section 931.

12. GFRP reinforcing bars shall be in accordance with Specification Section 932.

13. Researchers and FDOT personnel shall be allowed to instrument the beams and monitor them during

    detensioning. Time required for instrumenting is approximately one day per casting bed setup.
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STRAND CUTTING DETAIL

TYPICAL SECTION 

SHOWING CUT STRAND

� Beam

Ø=90°

Edge of Flange

J
� Bearing � Bearing

J

Ø=90°

Prestressing

Strand

Cut Strand at

End of Beam

End of

Beam

PLAN VIEW

CASE 1

    one strand for Beam E5.

    This will require sheathing two strands for Beams E3 and E4 and sheathing

 4. Beams E1 and E2 may be cast with one set of 13 strands in the casting bed.

    middle and end of spool as needed for testing purposes.  

 3. FDOT will cut Stainless Steel Strand samples from the beginning,

 2. Return unused Stainless Steel Strand to FDOT Structures Research Center.

    and additional length as needed for stressing.

    length of Stainless Steel Strand to extend length of casting bed

 1. Use Stainless Steel Strands. FDOT will supply an adequate
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Bars 5Z (Typ.)

6"
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1ƀ" Chamfer

1Ɓ" Clear (Min.)
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1ƀ" Clear to End

END VIEW

A A

BENDING DIAGRAMS

BARS 3D1 & 3D2
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BARS 5A & 4Y

END 1
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D2
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7
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4
" 4
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2
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"

5A

4Y 2'-5ƀ"

END 2

12 sp. @ 3" 2"

4 & 9

3Ɓ" (Nominal)

42'-0" = Beam Casting Length 

28 sp. @ 6"

NOTES:

  Work this Sheet with the AASHTO Type II Beam -

  Table of Beam Variables.

 

  For referenced notes, see Sheet 1.

7"7"

1'-2"

42'-5"

94

3'-11Ƃ"

3'-11Ƃ"

sp. with Bars 5K as shown

7 ~ Bars 3D1 @ 6" max.

28 sp. @ 6"

(See Notes)

flange only)

of bottom

(Typ. bottom

Ƃ" Chamfer

10"

¡ Beam

Bars 5A & Strands N

Bars 5Z

Bar 5Z

6
"

2
Ɓ
"

1
ƀ
"

2
Ɓ
"

Beam

End of 

Bars 4Y (shown

as (    ))

5 ~ Bars 3D1

@ 3" Max. sp.

with Bars 5K

GIRDERS E1, E2, E3, E4 & E5

Roughen

Surface

to Ɓ"

Amplitude

Spacing Bars 5K (Symmetrical

about ¡ @ top of beam)

(See Note 8)

(See Notes 1 & 2)

8

8 10

5 & 6 4'-4ƀ"

8 2'-5ƀ"

85 & 6

BILL OF REINFORCING STEEL

FOR ONE BEAM ONLY

NOTE

NUMBERS

NUMBER

REQUIRED

A 2 41'-9"

41'-8"

6 sp. @ 6"

Bars 5K

Bars 5K

Spacing Bars 5K
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5
K

7" 5K

5
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Appendix C – Construction of girders 

This appendix contains information about fabrication of the girders. All girders were fabricated 
at Dura-Stress, Inc., casting yard in Leesburg, FL. Girders were fabricated at different casting beds 
and at different times. The girders were divided into three sets. The first set included Girders A1-
A3 (references to Girders D1-D2 are lightweight concrete girders and are relevant to Part B of this 
report), the second set included Girders B2-B3 and C1-C3, and the third set included Girders E1-
E5. Dura-Stress provided fabrication checklists for each set, which included the following: 

1. Measured concrete fresh properties 
2. Stress information 
3. Rebar material/mechanical properties 
4. Strand stress calculations 
5. Pre-pour production sheet 
6. Concrete mix designs 
7. Concrete batch tickets 
8. Casting bed diagram 
9. Concrete compressive strength 

Mill certificates for the strands are provided in Appendix A. 
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Appendix D – Test setup and instrumentation plans 

This appendix contains drawings of the test setup and instrumentation plans for the tested 
girders. It includes drawings for the flexural and shear tests. Only external instrumentation (done 
at the lab) is shown. Table D-1 shows the testing matrix. Some girders were tested more than one 
time. One (x) indicates the first test, two (xx) indicates the second test type, and three (xxx) indicates 
the third test type. 

Table D-1 Testing matrix 

Girder 
designation 

Flexural test Shear test (composite) 
Non-composite Composite End 1 End 2 Midspan 

A1 x 
A2 x xx xxx 
A3 x xx xxx 
B2 x 
B3 x xx xxx 
C1 x 
C2 x 
C3 x 
E1 x 
E2 x 
E3 x 
E4 x 
E5 x 

D1
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D5



D6



D7



D8



D9



D10



D11
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Appendix E – Concrete strain measurements 

This appendix contains concrete strain measurements of each girder during flexural and/or 
shear tests. Locations of gages can be found in Appendix D. 
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Figure E-1 Strain measurements at top fiber during flexural test of Girder A1 
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Figure E-2 Strain measurements during flexural test of Girder B3 
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Figure E-3 Strain measurements during flexural test of Girder C1 
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Figure E-4 Strain measurements during flexural test of Girder A3 

  

Figure E-5 Strain measurements during flexural test of Girder B2 

  

Figure E-6 Strain measurements during flexural test of Girder C2 

 

E5



  

Figure E-7 Strain measurements during flexural test of Girder C3 

  

Figure E-8 Strain measurements during flexural test of Girder E1 

  

Figure E-9 Strain measurements during flexural test of Girder E2 
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Figure E-10 Strain measurements during flexural test of Girder E3 

  

Figure E-11 Strain measurements during flexural test of Girder E4 

  

Figure E-12 Strain measurements during flexural test of Girder E5 
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Figure E-13 Strain measurements at top fiber during first (wide spacing) shear test of Girder 

A2 

 
Figure E-14 Strain measurements at top fiber during second (narrow spacing) shear test of 

Girder A2 

 
Figure E-15 Strain measurements at top fiber during third (midspan) shear test of Girder A2 
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Figure E-16 Strain measurements at top fiber during first (wide spacing) shear test of Girder 
A3 

 

Figure E-17 Strain measurements at top fiber during second (narrow spacing) shear test of 
Girder A3 
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Figure E-18 Strain measurements at top fiber during first (wide spacing) shear test of Girder 
B3 

Figure E-19 Strain measurements at top fiber during second (narrow spacing) shear test of 
Girder B3 
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Appendix F – Design examples 

This appendix contains examples to compute the flexural strength of concrete members 
prestressed with HSSS strands. 

a. Analysis of concrete member prestressed with HSSS strands

Girder E1 was chosen and it is shown in the figure below. 

Given: 

Two spools of HSSS strands were used. Strands in the bottom layer were taken from the second 
spool while the strands in the second and third layers were taken from first spools. The 
mechanical properties for the two spools are given in Table 3-5. 

𝜀!"# = 0.0163 in./in. (bottom layer of strands) 
𝜀!"$ = 0.0181 in./in. (second and third layers of strands) 
𝜀!" = 0.003 in./in. 
𝑓!"# = 249.5 ksi (bottom layer of strands) 
𝑓!"$ = 261.6 ksi (second and third layers of strands) 
Eps1 = 24,788 ksi (bottom layer of strands) 
Eps2 = 24,950 ksi (second and third layers of strands) 
fpe = 137.6 ksi 
𝜀!% = 0.00555 in./in. 
𝑓&'	(𝑑𝑒𝑐𝑘	𝑠𝑙𝑎𝑏) = 6.44 ksi 

F1



𝑓&'	(𝑔𝑖𝑟𝑑𝑒𝑟) = 10.06 ksi 
d1 = 41 in. (distance from top fiber to bottom layer of strands) 

The flexural strength of Girder E1 was calculated using three different approaches as 
follows: 

1. Using detailed iterative approach, following flowchart given in Figure 7-25 

1. Assume top fiber strain, 𝜀&( 

• 𝜀&( = 0.0005 

2. Calculate the first neutral axis depth, c1, from strain distribution using Equation 7-22 

• c1 = 1 )!"
)!"	+	)#$	,	)#%

2 x	𝑑#	= 4 -.---/
-.---/	+	-.-#01	,	-.--///

5 x	41 = 1.82 in. < slab thickness of 

8 in. (rectangular section)  

3. Calculate the concrete stress block parameters 𝛽 and 𝛼 using Equations 7-18 and 7-19, 

respectively, where 𝜀&'  is calculated using Equation 7-20 

• 𝜀&' = 1𝑓𝑐
′

11
+ 1.62 x	10−3 = 	40.22

##
+ 1.65 x	10,1 = 0.00219 in./in. 

• 𝛽 =
2,

&!"
&!
'

0,$
&!"
&!'
4− (!'

/-
+ 1.15 	=

2	,	 (.(((*(.((+,-

0	,	$	3		 (.(((*(.((+,-
4− 0.22

/-
+ 1.15 = 0.6608 ≥ 0.65 

• 𝛼 = 4#
4
5 1)!(

)!'
− #

1
4)!"
)!'
5
$
2 4− (!'

0-
+ 15 = 	 4 #

-.00-5
5 1 -.---/

-.--$#6
− #

1
4 -.---/
-.--$#6

5
$
2 4− 0.22

0-
+

15 = 0.2849 

4.   Calculate strain in the layers of HSSS strands using similar triangle 

• 𝜀!7# = 𝜀!% + 𝜀&( 4
(9,	,	&,)

&,
5 = 0.00555 + 0.0005 4(2#,#.5$)

#.5$
5 =0.0163 in./in. strain in 

the strands in the bottom layer 

• 𝜀!7$ = 𝜀!% + 𝜀&( 4
(9+	,	&,)

&,
5 = 0.00555 + 0.0005	 4(16	,	#.5$)

#.5$
5 = 0.0158 in./in. strain 

in the strands in the second layer 

F2



• 𝜀!71 = 𝜀!% + 𝜀&( 4
(9.	,	&,)

&,
5 = 0.00555 + 0.0005	 4(1;	,	#.5$)

#.5$
5 = 0.0152 in./in. strain 

in the strands in the third layer 

5. Calculated stress in the layers of HSSS strands using stress-strain model given in Equation 3-

1 after substituting A, B, and C coefficients from Table 3-8 and elastic modulus from Table 

3-5  

• 𝑓!7# = 𝐸!7#	x	𝜀!7# C𝐴 +	
#,<

(#+=>	3	)#/,?
0)
,
0
E = 24,788	x	0.0163	 C0.05 +

#,-.-/

(#+(#-$	3	-.-#01)1)
,
1
E = 250 ksi 

• 𝑓!7$ = 𝐸!7$	x	𝜀!7$ C𝐴 +	
#,<

(#+=>	3	)#/+?
0)
,
0
E = 24,920	x	0.0158	 C0.065 +

#,-.-0/

(#+(#--	3	-.-#/5)2.*)
,
2.*
E = 257 ksi 

• 𝑓!71 = 𝐸!7$	x	𝜀!71 C𝐴 +	
#,<

(#+=>	3	)#/.?
0)
,
0
E = 24,920	x	0.0152	 C0.065 +

#,-.-0/

(#+(#--	3	-.-#/$)2.*)
,
2.*
E = 255 ksi 

6. Calculate second neutral axis depth, c2, from force equilibrium 

• 𝑐$ = 
∑ <#/3	3	(#/3
4
35,

A(!'4B
= (2	3	-.$1	3	$/-)+	(2	3	-.$1	3	$/;)+	(1	3	-.$1	3	$//)	

-.$526	3	0.22	3	-.00-5	3	$2
= 22.03 in. 

7. Terminate the iteration if 𝑐# − 𝑐$ = 0, otherwise go to step (1) and increase the top fiber 
strain for the next iteration. 
 

• 𝑐# − 𝑐$ = 1.82 − 22.03 = 	−20.21	in. 

• Because 𝑐# − 𝑐$ ≠ 0, go	to	step	(1)	and	increase	𝜀&( 

• A macro was created in excel program to find 𝜀&( that results in 𝑐# − 𝑐$ = 	0 

1. New top fiber strain where equilibrium is achieved 

F3



• 𝜀&( = 0.002198 

2. Calculate the first neutral axis depth, c1, from strain distribution 

• c1 = 1 )!"
)!"	+	)#$	,	)#%

2 x	𝑑# 	= 4 -.--$#65
-.--$#65	+	-.-#01	,	-.--///

5 x	41 = 6.960 in. < slab 

thickness of 8 in. (rectangular section) 

3. Calculate the concrete stress block parameters, 𝛽 and 𝛼, using Equations 7-18 and 7-19, 

respectively, for the new top fiber strain  

• 𝛽 =
2,

&!"
&!
'

0,$
&!"
&!'
4− (!'

/-
+ 1.15 	=

2	,	(.((+,-6(.((+,-
0	,	$	3	(.((+,-6(.((+,-

4− 0.22
/-

+ 1.15 = 0.729 

• 𝛼 = 4#
4
5 1)!(

)!'
− #

1
4)!"
)!'
5
$
2 4− (!'

0-
+ 15 = 4 #

-.;$6
5 1-.--$#65

-.--$#6
− #

1
4-.--$#65
-.--$#6

5
$
2 4− 0.22

0-
+

15 = 0.818 

4.   Calculate strain in the layers of HSSS strands using similar triangle 

• 𝜀!7# = 𝜀!% + 𝜀&( 4
(9,	,	&,)

&,
5 = 0.00555 + 0.002198 4(2#	,	0.60)

0.60
5 =0.0163	in./in.	= 

𝜀!" (rupture of strands) 

• 𝜀!7$ = 𝜀!% + 𝜀&( 4
(9+	,	&,)

&,
5 = 0.00555 + 0.002199	 4(16	,	0.60)

0.60
5 = 0.0157 in./in. 

• 𝜀!71 = 𝜀!% + 𝜀&( 4
(9.	,	&,)

&,
5 = 0.00555 + 0.002199	 4(1;	,	0.60)

0.60
5 = 0.0150 in./in. 

5. Calculated stress in the layers of HSSS strands using stress-strain model given in Equation 3-

1 after substituting A, B, and C coefficients from Table 3-8 and elastic modulus from Table 

3-5 

• 𝑓!7# = 24,788	x	0.0163	 C0.05 + #,-.-/

(#+(#-$	3	-.-#01)1)
,
1
E = 250.2 ksi 

• 𝑓!7$ = 24,920	x	0.0157	 C0.065 + #,-.-0/

(#+(#--	3	-.-#/;)2.*)
,
2.*
E = 256.5 ksi 
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• 𝑓!71 = 24,920	x	0.0150	 C0.065 + #,-.-0/

(#+(#--	3	-.-#/-)2.*)
,
2.*
E = 254.9 ksi  

6. Calculate second neutral axis depth, c2, from force equilibrium 

• 𝑐$ = (2	3	-.$1	3	$/-.$)+	(2		3	-.$1		3		$/0./)+	(1		3		-.$1		3		$/2.6)	
-.5#5		3		0.22		3		-.;$6		3		$2

= 6.966 in. 

7. Terminate the iteration if 𝑐# − 𝑐$ = 0, otherwise go to step (1) and increase the top fiber 
strain for the next iteration. 
 

• 𝑐# − 𝑐$ = 6.960 − 6.966 = −0.006 ≅ 	0 

8. Calculate the flexural strength, Mn, by summing tension forces about centroid of the 
compression depth. 
 

• a = 𝛽	x		c# = 0.729 x 6.96 = 5.074 in. 
• Mn = ∑ 𝐴!7C 	x	𝑓!7CD

CE# 4𝑑C −
F
$
5 = \4	x	0.23	x	250.2	x	 441 − /.-;2

$
5] +

\4	x	0.23	x	256.5	x	 439 − /.-;2
$
5] + \3		x		0.23		x		254.9	x		 437 − /.-;2

$
5] =

1961	𝑘𝑖𝑝 − 𝑓𝑡 

The measured experimental moment for Girder E1 was 2051	kip-ft.	The	calculated	moment	

using	detailed	iterative	approach	was	95.6%. 

2. Using simplified iterative approach, following flowchart given in Figure 7-27 

1. Assume top fiber strain, 𝜀&( 

• 𝜀&( = 0.0005 

2. Calculate the first neutral axis depth, c1, from strain distribution using Equation 7-22 

• c1 = 1 )!"
)!"	+	)#$	,	)#%

2 x	𝑑# = 4 -.---/
-.---/	+	-.-#01	,	-.--///

5 x	41 = 1.82 in. < slab thickness of 

8 in. (rectangular section) 

3. Calculate the concrete stress block parameters, 𝛽 and 𝛼 using Equations 7-18 and 7-19, 

respectively, where 𝜀&'  is calculated using Equation 7-20 

• 𝜀&' = 4(!
'

##
+ 1.65 x	10,1 = 40.22

##
+ 1.65 x	10,1 = 0.00219 in./in. 
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• 𝛽 =
2,

&!"
&!
'

0,$
&!"
&!'
4− (!'

/-
+ 1.15 	=

2	,	 (.(((*(.((+,-

0	,	$	3		 (.(((*(.((+,-
4− 0.22

/-
+ 1.15 = 0.6608 

• 𝛼 = -1𝛽. /
𝜀𝑐𝑓
𝜀𝑐′
− 1

3 0
𝜀𝑐𝑓
𝜀𝑐′
1
2
2/− 𝑓𝑐

′

60+ 12 = - '
0.6608. 0

(.(((*
(.((+',

− '
-
- (.(((*
(.((+',

.
+
1 -− ..//

.(
+ 1. = 

0.2849 

4. Calculate second neutral axis depth, c2, from force equilibrium using Equation 7-21. The 

ultimate stress,	𝑓!", in the strands shall be taken for those in the bottom layer because they 

reach their ultimate stress before the other layer 

• 𝑐$ = <#/	3	(#$
A(!'4B

= ##	3	-.$1	3	$26./
-.$526	3		0.22	3		-.00-5	3		$2

= 21.74 in. 

5. Terminate the iteration if 𝑐# − 𝑐$ = 0, otherwise go to step (1) and increase the top fiber 
strain for the next iteration. 
 

• 𝑐# − 𝑐$ = 1.82 − 21.74 = 	−19.12	in. 

• Because 𝑐# − 𝑐$ ≠ 0, go	to	step	(1)	and	increase	𝜀&( 

• A macro was created in excel program to find 𝜀&( that results in 𝑐# − 𝑐$ = 	0 

1. New top fiber strain where equilibrium is achieved 

• 𝜀&𝑓 = 0.002168 

2. Calculate the first neutral axis depth, c1, from strain distribution 

• c1 = 1 )!"
)!"	+	)#$	,	)#%

2 x	𝑑# = 4 -.--$#05
-.--$#05	+	-.-#01	,	-.--///

5 x	41 = 6.881 in. < 8 in. slab 

thickness of 8 in. (rectangular section) 

3. Calculate the concrete stress block parameters, 𝛽 and 𝛼, using Equations 7-18 and 7-19, 

respectively. 

• 𝛽 =
2,

&!"
&!
'

0,$
&!"
&!'
4− (!'

/-
+ 1.15 =

2	,	(.((+,26(.((+,-
0	,	$	3		(.((+,26(.((+,-

4− 0.22
/-

+ 1.15 = 0.727 
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• 𝛼 = -1𝛽. /
𝜀𝑐𝑓
𝜀𝑐′
− 1

3 0
𝜀𝑐𝑓
𝜀𝑐′
1
2
2/− 𝑓𝑐

′

60+ 12 = - '
0.726. 0

(.((+'.0
(.((+',

− '
-
-(.((+'.0
(.((+',

.
+
1 -− ..//

.(
+ 1. = 

0.815 

4. Calculate second neutral axis depth, c2, from force equilibrium using Equation 7-21. 

• 𝑐$ =	<#/	3	(#$
A(!'4B

= ##	3		-.$1	3		$26./	
-.5#/	3		0.22	3		-.;$;	3		$2

= 6.893 in. 

5. Terminate the iteration if 𝑐# − 𝑐$ = 0, otherwise go to step (1) and increase the top fiber 
strain for the next iteration. 
 

• 𝑐# − 𝑐$ = 6.881 − 6.893 = 	−0.012 ≅ 	0 

6. Calculate distance from top fiber to centroid of strands 

• 𝑑FQR =
∑ <#/3	3	93
4
35,
∑ 934
35,

= (2		3		-.$1		3		2#)	+	(2		3		-.$1		3		16)	+	(1		3		-.$1		3	1;)		
(##		3		-.$1)

 = 39.18 in. 

7. Calculate the flexural strength, Mn, by summing tension forces about centroid of the 
compression depth. 
 

• a = 𝛽 ∗	c# = 0.726 * 6.926 = 5.028 in. 
• Mn = 	𝑓!"	x	𝐴!7 4𝑑FQR −

F
$
5 = \249.5	x	11	x	0.23 439.18 − /.-$5

$
5] = 1929	𝑘𝑖𝑝 − 𝑓𝑡 

The measured experimental moment for Girder E1 was 2051	kip-ft.	The	calculated	moment	

using	detailed	iterative	approach	was	94.1%.	

3. Using non-iterative approach, following flowchart given in Figure 9-1 

1. Calculate stress block parameters using Equation 8-10 

• 𝛽#𝛼1 = 0.77 − (!'	
0-
=	0.77 −	0.22

0-
= 0.6626  

2. Calculate balanced reinforcement ratio using Equation 8-6 

• 𝜌77B = 𝛼#𝛽#
(!'

(#$

)!$
)!$	+	)#$	,	)#%

= 0.6626 0.22
$26./

-.--1
-.--1+-.-#01,-.--///

= 0.00373 

3. Calculate distance from top fiber to centroid of strands 

• 𝑑FQR =
∑ <#/3	3	93
4
35,
∑ <#/34
35,

= (2		3		-.$1		3		2#)	+	(2		3		-.$1		3		16)	+	(1		3		-.$1		3	1;)		
(##		3		-.$1)

 = 39.18 in. 

F7



4. Calculate reinforcement ratio 

• 𝜌77 =
∑ 𝐴𝑝𝑠𝑖𝑛
𝑖=1
𝑏	x	𝑑𝑎𝑣𝑔

= ##	3	-.$1	
$2	3	16.#5	

= 0.00269 < 𝜌77B (rupture of strand failure mode) 

5. Calculate neutral axis depth at balanced condition using Equation 8-5 

• cb = 1 )!$
)!$	+	)#$	,	)#%

2 x	𝑑# 	= 4 0.003
0.003	+	0.0163	−	0.005555x	41 = 8.945 in. 

6. Calculate neutral axis using Equation 8-13  

• c = 40.7 S//
S//:

+ 0.265 𝑐B = 40.7 ∗ -.--$06
-.--1;1

+ 0.265 x	8.945 = 6.841 in. 

7. Calculate top fiber strain using Equation 8-14 

• 𝜀&( = 𝑐	 4)#$	,	)#%
9,	,	&

5 = 6.841 ∗ -.-#01,-.--///
2#	,	0.52#

= 0.00215 

8. Calculate the concrete stress block parameter, 𝛽 , using Equation 8-7 where 𝜀&'  is calculated 

using Equation 8-9 

• 𝜀&' = 4(!
'

##
+ 1.65 ∗ 10,1 = 40.22

##
+ 1.65 ∗ 10,1 = 0.00219 in./in. 

• 𝛽 = 4−(𝜀𝑐𝑓 𝜀𝑐′ )⁄
6−2	(𝜀𝑐𝑓 𝜀𝑐′ )⁄

'− 𝑓𝑐
′

50
+ 1.1( =

/	0	9.99:;<9.99:;=

1	0	2∗	9.99:;<9.99:;=

'− 1.//
45

+ 1.1( = 0.726 ≥ 0.65 

9. Calculate the flexural strength, Mn, by summing tension forces about centroid of the 
compression depth using Equation 8-15 
 

• Mn = 𝐴>?	x	𝑓>" -𝑑@AB −
C!
+
. = 11	x	0.23	x	249.5 ∗ -39.18 − 0.726	∗	6.841

2 . = 930	𝑘𝑖𝑝 −
𝑓𝑡 

The measured experimental moment for Girder E1 was 2051	kip-ft.	The	calculated	moment	

using	detailed	iterative	approach	was	94.1%.	

b. Deign of concrete member prestressed with HSSS strands 

Design Example 1: Assume the required ultimate moment (Mu) = 900 ki p-ft. 
 
Given: 
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The guaranteed mechanical properties for HSSS strands, which are specified by ASTM A1114 
and given in Table 3-5, were used in this design example. 
𝐴!7 = 0.231 in2 
𝜀!" = 0.014 in./in. 
Eps = 24,000 ksi 
fpu = 240 ksi 
fpi = 0.7 * 240 = 168 ksi à assume initial stress 70% of the ultimate strength 
fpe = 0.85 * 168 = 142.8 ksi à assume prestress losses equal 15% 
𝜀!% = 0.006 in./in. 
𝜀&" = 0.003 in./in. 
𝑓&'	(𝑠𝑙𝑎𝑏) = 6.0 ksi 
𝑓&'	(𝑏𝑒𝑎𝑚) = 8.5 ksi 
Choose Florida Slab Beam section (12x57) for the design 
 

 
 

Using the design flowchart given in Figure 9-3 

1. Calculate stress block parameters,	𝛽#𝛼1, using Equation 8-10 

• 𝛽#𝛼1 =0.77 −
(!'	
0-
=	0.77 −	 0

0-
= 0.67 

2. Calculate balanced reinforcement ratio using Equation 8-6 

• 𝜌77B = 𝛼#𝛽#
(!'

(#$

)!$
)!$	+	)#$	,	)#%

= 0.67 0
$2-

-.--1
-.--1	+	-.-#2	,	-.--0

= 0.00457 

3. Assume 20 HSSS strands at the bottom layer of FSB as shown in Figure below 
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• 𝑑FQR = 18 − 3 = 15 in.  

4. Calculate reinforcement ratio 

• 𝜌77 =
∑ <#/3
4
35,
B	3	9;<=

= $-	∗	-.$1#	
/;	∗	#/	

= 0.00540 

• 𝜌77 > 𝜌77B à failure mode is crushing of concrete; check maximum reinforcement 

limit using Equation 8-24 

• 𝜌77,YFZ = 4$	(#%
#,---

+ 1.185 𝜌77B = 4$	3	#2$.5	
#---

+ 1.185 x	0.00457 = 0.00670 > 𝜌77 OK 

5. Calculate neutral axis depth at balanced condition using Equation 8-5 

• cb = 1 )!$
)!$	+	)#$	,	)#%

2 x	𝑑# = 4 -.--1
-.--1	+	-.-#2	,	-.--0

5 	x	15 = 4.091 in. 

6. Calculate neutral axis using Equation 8-20 

• c = 40.8 S//
S//:

+ 0.25 𝑐B = 40.8 ∗ -.--/2
-.--2/;

+ 0.25 ∗ 4.091 = 4.684 in. 

7. Calculate strain in the layers of HSSS strands using similar triangle, Equation 8-21 

• 𝜀67 = 𝜀𝑝𝑒 + '𝜀𝑐𝑢
𝑑	−	𝑐

𝑐
( = 0.006 + 0.003 ∗ 740/.18/

/.18/
= 0.0126 

8. Calculated stress in the layers of HSSS using stress-strain model using Equation 3-2 

• 𝑓!7# = 24,000 ∗ 0.0126	 C0.06 + #,-.-0

(#+(#-#	∗-.-#$0)2.>*)
,

2.>*
E = 235 ksi 

9. Calculate the concrete stress block parameter, 𝛽, using Equation 8-7 where 𝜀&'  is calculated 

using Equation 8-9 

• 𝜀&' = 4(!
'

##
+ 1.65 ∗ 10,1 = 4 0

##
+ 1.65 ∗ 10,1 = 0.00215 in./in. 

• 𝛽 = 2,()!" )!')⁄

0,$	()!" )!')⁄ 4− (!'

/-
+ 1.15 =

2	,	(.((+,*(.((.

0	,	$∗	(.((+,*(.((.
4− 0

/-
+ 1.15 = 0.7 ≥ 0.65 

10. Calculate the nominal flexural resistance, Mn, by summing tension forces about centroid of 
the compression depth using Equation 8-23 
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• Mn = 𝐴!7	x	𝑓! 4𝑑FQR −

4&
$
5 = 20 ∗ 0.231 ∗ 235 ∗ 415 − -.;	∗	2.052

$
5 = 1201	𝑘𝑖𝑝 − 𝑓𝑡 

• Assume resistance factor (∅) equals 0.75 because of brittle nature of HSSS strands 
• ∅Mn = 0.75 * 1201 = 901 kip-ft 
• ∅Mn > Mu; design is good otherwise go to step 3 and increase number of strands	

Design Example 2: Assume the required ultimate moment (Mu) = 1600 kip-ft.  
 
Given: 
The guaranteed mechanical properties for HSSS strands, which are specified by ASTM A1114 
and given in Table 3-5, were used in this design example. 
 
𝐴!7 = 0.231 in2 
𝜀!" = 0.014 in./in. 
Eps = 24,000 ksi 
fpu = 240 ksi 
fpi = 0.7 * 240 = 168 ksi à assume initial stress 70% of the ultimate strength 
fpe = 0.85 * 168 = 142.8 ksi à assume prestress losses equal 15% 
𝜀!% = 0.006 in./in. 
𝜀&" = 0.003 in./in. 
𝑓&'	(𝑠𝑙𝑎𝑏) = 4.5 ksi 
𝑓&'	(𝑏𝑒𝑎𝑚) = 8.5 ksi 
Choose AASHTO Type II section with slab thickness of 8” and width of 72”. 
 

Using the design flowchart given in Figure 9-1 

1. Calculate stress block parameters, 𝛽#𝛼1, using Equation 8-10 

• 𝛽#𝛼1 = 0.77 − (!'	
0-
=	0.77 −	2./

0-
= 0.695  

2. Calculate balanced reinforcement ratio using Equation 8-6 

• 𝜌77B = 𝛼1𝛽1
𝑓𝑐
′

𝑓𝑝𝑢
𝜀𝑐𝑢

𝜀𝑐𝑢	+	𝜀𝑝𝑢	−	𝜀𝑝𝑒
= 0.695 ∗ 	 2./

$2-
∗ -.--1
-.--1	+	-.-#2	,	-.--0

= 0.00355 

3. Assume number of HSSS strands = 13 as shown in Figure below 
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4. Calculate distance from top fiber to centroid of strands 

• 𝑑FQR =
∑ <#/3	3	93
4
35,
∑ <#/34
35,

= (/	3	-.$1#	3	2#)	+	(/	3	-.$1#	3	16)	+	(1	3	-.$1#	3	1;)		
(#1	3	-.$1#)

 = 39.31 in. 

5. Calculate reinforcement ratio 

• 𝜌77 =
∑ <#/3
4
35,
B	3	9;<=

= #1	∗	-.$1#	
;$	∗	16.1#	

= 0.00106 

• 𝜌?? < 𝜌??H à failure mode is rupture of strands; check minimum reinforcement limit using 

Equation 8-16 

• 𝜌??,JKL =
*(	N	--	∗	/.*	

'(((
∗ 0.00355 = 0.0007 < 𝜌?? OK 

6. Calculate neutral axis depth at balanced condition using Equation 8-5 

• cb = 1 )!$
)!$	+	)#$	,	)#%

2 x	𝑑# = 4 -.--1
-.--1	+	-.-#01	,	-.--0

5 ∗ 41 = 11.182 in. 

7. Calculate neutral axis using Equation 8-13 
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• c = 40.7 S//
S//:

+ 0.265 = 40.7	x	 -.--#-0
-.--1//

+ 0.265 x	11.182 = 5.244 in. 

8. Calculate top fiber strain using Equation 8-14 

• 𝜀&( = 𝑐	 4)#$	,	)#%
9,	,	&

5 = 5.244	x -.-#2	,	-.--0
2#	,	/.$22

= 0.00117 

• Another way to check minimum reinforcement ratio (top fiber strain must be within 

the inelastic region) à 𝜀&( = 0.00117 > 2./+/
#----

= 0.00095 OK 

9. Calculate the concrete stress block parameter, 𝛽, using Equation 8-7 where 𝜀&'  is calculated 

using Equation 8-9 

• 𝜀&' = 4(!
'

##
+ 1.65 ∗ 10,1 = 42./

##
+ 1.65 ∗ 10,1 = 0.00201 in./in. 

• 𝛽 = 2,()!" )!')⁄

0,$	()!" )!')⁄ 4− (!'

/-
+ 1.15 =

2	,	(.((+(,(.((.
0	,	$∗	(.((+(,(.((.

4− 2./
/-
+ 1.15 = 0.6866 

10. Calculate the flexural strength, Mn, by summing tension forces about centroid of the 
compression depth. 
 

• Mn = 𝐴𝑝𝑠	x	𝑓𝑝𝑢 4𝑑𝑎𝑣𝑔 −
𝛽𝑐
2
5 = 13 ∗ 0.231 ∗ 240 ∗ 439.31 − -.0500	∗	/.$22

$
5 =

2253	𝑘𝑖𝑝 − 𝑓𝑡 
• Assume resistance factor (∅) equals 0.75 because of brittle nature of HSSS strands 
• ∅Mn = 0.75 * 2253 = 1690 kip-ft 
• ∅Mn > Mu; design is good otherwise go to step 3 and increase number of strands	
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