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EXECUTIVE SUMMARY 

 
During the 2004 hurricane season, the failure of several foundations of cantilever sign structures 

occurred along Florida highways.  These failures necessitated a review of the current design and 

construction procedures for the foundations of cantilever sign structures. 

 

The primary objectives of this research program were to: 

• determine the cause of the failure of the cantilever sign structures and quantify what needs to 

be considered in design to preclude this type of failure 

• develop a repair/retrofit option for the foundation 

 

In order to fulfill these objectives, a literature review, site investigation, and experimental 

program were conducted.  The findings of the literature review and site investigation were used 

to develop the experimental program.  The findings of the experimental program were applied in 

the development of the repair/retrofit guidelines.  In addition to the primary objectives, 

alternative support systems were also identified for future consideration. 
 

After a literature review, in conjunction with site investigation, and testing, it was determined 

that the foundations failed as a result of an applied torsion from the wind loading which caused a 

concrete breakout failure due to shear on the anchors directed parallel to the edge of the 

foundation.  This anchorage failure mode is detailed in ACI 318-05 Appendix D.  This failure 

mode has not previously been incorporated in the design of the cantilever sign foundations.  

Cantilever sign foundations need to be designed for shear parallel to the edge on the anchor 

resulting from torsion. 

 

Additional testing was performed to determine an acceptable repair/retrofit option.  It was 

determined that applying a CFRP wrap to the foundation strengthens the foundation such that it 

not only meets its initial concrete breakout capacity, but, also, exceeds the capacity.  The results 

of this test led to the development of guidelines for the evaluation and repair/retrofit of existing 

foundations.  The guidelines were based on the following: 
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• Using either the torsional load from the design or, if not available, using the ACI nominal 

torsional strength (ACI 318-05 Section 11.6.3.6), determine the torsional capacity of the 

foundation. 

• Calculate the concrete breakout strength in accordance with ACI Appendix D.   

• If the concrete breakout strength is less than the maximum of the nominal torsional strength 

and design torsion, then the foundation is susceptible to failure. 

• The amount of the carbon fabric required is calculated using the maximum of the nominal 

torsional strength and the design torsion.  The amount required is given in layers of the CFRP 

wrap. 

The guidelines may be used to evaluate and, if necessary, repair/retrofit existing foundations.  It 

is critical that such foundations be evaluated in order to determine the susceptibility to this type 

of failure.  Additionally, it is recommended that the alternative foundations identified be 

considered for further investigation. 

 
Implementation of the recommended design and repair/retrofit methods for foundations of 

cantilever signal/sign structures should result in significantly less damage to these systems 

during hurricanes. This will result in a more reliable post-storm traffic system that should 

improve the time response for restoration of other critical services.  
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CHAPTER 1 
INTRODUCTION 

During the 2004 hurricane season, the failure of several foundations of cantilever sign 

structures occurred along Florida highways (Figure 1-1).  These failures necessitated a review of 

the current design and construction procedures for the foundations of cantilever sign structures. 

The main objective of this research program was two-fold: to determine the cause of the 

failure of the cantilever sign structures; and, to propose a retrofit option for the foundation.  In 

order to fulfill this objective, a thorough literature review, site investigation of a failed 

foundation, and experimental program were conducted.  The findings of the literature review and 

site investigation were used to develop the experimental program.  The findings of the 

experimental program were applied in the development of the retrofit guidelines. 

Furthermore, this project tested whether or not the ACI 318-05, ACI (2005) Appendix D 

provisions for anchorage to concrete are applicable for circular foundations. 

 

Figure 1-1. Failed cantilever sign structure  
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CHAPTER 2 
BACKGROUND 

While there have not been published reports detailing failures of sign structure 

foundations, such as those being investigated in this study, information on the behavior of anchor 

installations under various load conditions was found.  The main subjects of much of the 

literature were the effects of fatigue and wind load on overhead sign structures.  Additionally, 

there have been studies conducted on the failure modes of anchor installations, but these findings 

were not based on circular foundations.  In later sections, one of these anchorage failure modes 

will be introduced for application in this research program.   

This chapter presents the findings of the literature review, the conclusions drawn based on 

a site investigation of a failed foundation, and applicable design equations for the determination 

of the failure mode.  The information presented in the chapter served as the base upon which the 

experimental program was developed. 

2.1 Literature Review 

Keshavarzian (2003) explores the wind design requirements and safety factors for utility 

poles and antenna monopoles from various specification manuals.  It was found that the 

procedure outlined in ASCE (1991), ASCE 74- Guidelines for Electrical Transmission Line 

Structural Loading, resulted in the smallest factor of safety for the design.  AASHTO (2001), 

Standard Specifications for Structural Supports for Highway Signs, Luminaires and Traffic 

Signals, was used as a part of the comparison for the design of the antenna monopole.  The 

design from this specification was compared to that from ASCE (2000), ASCE 7-98-Minimum 

Design Loads for Buildings and Other Structures; TIA/EIA (1996), Structural Standards for 

Steel Antenna Towers and Antenna Supporting Structures; and, ASCE 74.  The wind forces at 

the base were the same for ASCE 74, AASHTO, and ASCE 7-98.  The forces using TIA/EIA 
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were higher because it requires that a 1.69 gust response factor be applied to the design.  

Therefore, the pole designed using TIA/EIA would have between 30 and 40 percent extra 

capacity.  ASCE 7-98 and AASHTO resulted in the same margin of safety.  The paper did not 

include findings that were completely relative to this project, but it provided additional sources 

for design of structures for comparative purposes. 

Keshavarzian and Priebe (2002) compares the design standards specified in ASCE (2000), 

ASCE 7-98, and IEEE (1997), NESC- National Electrical Safety Code.  The NESC does not 

require that utility poles measuring less than 60 feet in height be designed for extreme wind 

conditions.    Short utility poles were designed to satisfy NESC specifications (i.e. without 

extreme wind conditions).  The poles were then evaluated according to the ASCE 7-98 wind load 

requirements.  It was found that the poles did not meet the ASCE 7-98 requirements.  Therefore, 

it was recommended that the exclusion for short utility poles in the NESC be reevaluated.  The 

paper also mentioned AASHTO (1994), Standard Specifications for Structural Supports for 

Highway Signs, Luminaires and Traffic Signals.  It outlined that in the AASHTO specification, 

support structures exceeding 50 feet and overhead sign structures must be designed for a 50-year 

mean recurrence interval, or extreme wind loading condition.  

MacGregor and Ghoneim (1995) presents the background information for the formulation 

of the thin-walled tube space truss analogy design method for torsion that was first adopted into 

ACI (1995), ACI 318-95.  The design methodology was adopted because it was simpler to use 

than the previous method and was equally accurate.  The basis for the derivation of the new 

method was based on tests that were conducted in Switzerland.  Both solid and hollow beams 

were tested during that research.  In comparing the data from both tests, it was discovered that 

after cracking the concrete in the center had little effect on the torsional strength of the beam.  
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Therefore, the center of the cross-section could be ignored, and the beam could be idealized as a 

hollow tube.   

A space truss was formed by longitudinal bars in the corners, the vertical closed stirrups, 

and compression diagonals.  The compression diagonals were spiraled around the member and 

extended between the torsion cracks.  The paper also explained the shear stresses created by 

torsion on the member.    

In addition to the derivation of the equations for torsion and shear, the authors discussed 

the limits for when torsion should be considered and the requirements for minimal torsional 

reinforcement.  The tests, conducted on both reinforced and prestressed concrete beams, showed 

that there was acceptable agreement between the predicted strengths, as determined by the 

derived equations, and the test results.  This agreement was comparable to the design equations 

from the ACI Code. 

In addition to these papers, other reports reviewed include Lee and Breen (1966), Jirsa et 

al. (1984), Hasselwander et al. (1977), and Breen (1964). These four studies focused on 

important information regarding anchor bolt installations.  Other reports that were examined for 

relevance were from the National Cooperative Highway Research Program (NCHRP).  These 

are: Fouad et al. (1998), NCHRP Report 411; Kaczinski et al. (1998), NCHRP Report 412; and, 

Fouad et al. (2003), NCHRP Report 494.   

Fouad et al. (2003) details the findings of NCHRP Project 17-10(2).  The authors stated 

that AASHTO (2001) does not detail design requirements for anchorage to concrete.  The ACI 

anchor bolt design procedure was also reviewed.  Based on their findings, they developed a 

simplified design procedure.  This procedure was based on the assumptions that the anchor bolts 

are hooked or headed, both longitudinal steel and hoop steel are present in the foundation, the 
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anchor bolts are cast inside of the reinforcement, the reinforcement is uncoated, and, in the case 

of hooked bolts, the length of the hook is at least 4.5 times the anchor bolt diameter.  If these 

assumptions did not apply, then the simplified procedure was invalid.  The anchor bolt diameter 

was determined based on the tensile force on the bolt, and the required length was based on fully 

developing the longitudinal reinforcement between the embedded head of the anchor.  The 

authors further stated that shear loads were assumed to be negligible, and concrete breakout and 

concrete side face blowout were controlled by adequate longitudinal and hoop steel.  The design 

procedure was developed based on tensile loading, and did not address the shear load on the 

anchors directed parallel to the edge resulting from torsion. 

Additionally, the authors presented the frequency of use of different foundation types by 

the state Departments of Transportation, expressed in percentages of states reporting use.  

According to the survey the most common foundation type used for overhead cantilever 

structures was reinforced cast-in-place drilled shafts (67-100%) followed by spread footings (34-

66%) and steel screw-in foundations (1-33%).  None of the states reported the use of directly 

embedded poles or unreinforced cast-in-place drilled shafts. 

ASCE (2006), ASCE/SEI 48-05, entitled Design of Steel Transmission Pole Structures was 

obtained to gather information on the foundation design for transmission poles structures.  The 

intent was to determine whether or not the design of such foundations was relevant to the 

evaluation of the foundations under examination in this research.  In Section 9.0 of the standard, 

the provisions for the structural members and connections used in foundations was presented.  

Early in the section, the standard stated that the information in the section was not meant to be a 

foundation design guide.  The proper design of the foundation must be ensured by the owner 

based on geotechnical principles.  The section commented on the design of the anchor bolts.  The 
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standard focused on the structural stability of the bolts in the foundation; it looked at bolts in 

tension, bolts in shear, bolts in combined tension and shear, and the development length of such 

bolts.  The standard did not present provisions for failure of the concrete.    

2.2 Site Investigation 

A site investigation was conducted at the site of one failed overhead cantilever signal/sign 

structure located at Exit 79 on Interstate 4 in Orlando (Figure 2-1).  Figure 2-2 is the newly 

installed foundation at the site.  The failed foundation had the same anchor and spacing 

specifications as the new foundation.  This site visit coincided with the excavation of the failed 

anchor embedment.  During the course of the excavation the following information was 

collected: 

• The anchor bolts themselves did not fail.  Rather, they were leaning in the foundation, which 
was indicative of a torsional load on the foundation.  While the integrity of the anchor bolts 
held up during the wind loading, the concrete between the bolts and the surface of the 
foundation was cracked extensively (Figure 2-3).  The concrete was gravelized between the 
anchors and the hoop steel.  It should be noted that upon the removal and study of one anchor 
bolt, it was evident that there was no deformation of the bolt itself. 

• The hoop steel did not start at the top of the foundation.  It started approximately 15 in. (381 
mm) into the foundation. 

The concrete was not evenly dispersed around the foundation.  The hoop steel was exposed 

at approximately three to four feet below grade.  On the opposite side of the foundation there was 

excess concrete.  It was assumed that during the construction of the foundation, there was soil 

failure allowing a portion of the side wall to displace the concrete.  
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Figure 2-1. Cantilever sign structure at Exit 79 on Interstate 4 in Orlando 

 

Figure 2-2. New foundation installed at the site 
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Figure 2-3. Failed foundation during post-failure excavation 

2.3 Applicable Code Provisions 

The initial failure mode that was focused on in the background review was torsion.  

However, based on the results of the site investigation, it was determined that the most likely 

cause of failure was concrete breakout of an anchor (Figure 2-4).  The equations for torsion are 

presented in this section as they were used during the design of the experimental program to 

prove that the concrete breakout failure will occur before the torsional failure.  Torsion on the 

concrete cross-section is discussed in Sections 2.3.1 through 2.3.3.  The concrete breakout failure 

of an anchor loaded in shear as displayed in Figure 2-4 is presented in Sections 2.3.4 through 

2.3.5. 
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Figure 2-4. Concrete breakout of an anchor caused by shear directed parallel to the edge for a 
circular foundation 

2.3.1 Cracking and Threshold Torsion 

In a circular section, such as the foundation under review, the resulting torsion is oriented 

perpendicular to the radius or tangent to the edge.  ACI 318-05 details the equation for the 

cracking torsion of a nonprestressed member.  In Section R11.6.1, the equation for the cracking 

torsion, Tcr, is given (Equation 2-1).  The equation was developed by assuming that the concrete 

will crack at a stress of 4√f’c.  

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
′=

cp

cp
ccr p

A
fT

2

4         (2-1) 

Where 
Tcr = cracking torsion (lb.-in.) 
f’c = specified compressive strength of the concrete (psi) 
Acp = area enclosed by the outside perimeter of the concrete cross-section (in.2) 
      = πr2, for a circular section with radius r (in.) 
pcp = outside perimeter of the concrete cross-section (in.) 
      = 2πr, for a circular section with radius r (in.) 
 
This equation, when applied to a circular section, results in an equivalent value when 

compared to the basic equation (Equation 2-2) for torsion noted in Roark and Young (1975).  

The equality is a result of taking the shear stress as 4√f’c.  

2

3rT πτ
=          (2-2) 
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Where 
T  = torsional moment (lb.-in.) 
τ  = shear stress, 4√f’c, (psi) 
r  = radius of concrete cross-section (in.) 
 
ACI 318-05 Section 11.6.1(a) provides the threshold torsion for a nonprestressed member 

(Equation 2-3).  This is taken as one-quarter of the cracking torsion.  If the factored ultimate 

torsional moment, Tu, exceeds this threshold torsion, then the effect of torsion on the member 

must be considered in the design.   

 

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
′=

cp

cp
c p

A
fT

2

φ         (2-3) 

Where 
Φ = strength reduction factor 
 
AASHTO (2004), AASHTO LRFD Bridge Design Specifications, also presents equations 

for cracking torsion (Equation 2-4) and threshold torsion (Equation 2-5).  Equation 2-4 

corresponds with the AASHTO (2004) equation for cracking torsion with the exception of the 

components of the equation related to prestressing.  That portion of the equation was omitted 

since the foundation was not prestressed.  It must be noted that these equations are the same as 

the ACI 318-05 equations. 

c

cp
ccr p

A
fT

2

125.0 ′=         (2-4) 

Where 
Tcr = torsional cracking moment (kip-in.) 
Acp = total area enclosed by outside perimeter of the concrete cross-section (in.2) 
pc = the length of the outside perimeter of the concrete section (in.) 
 
AASHTO (2004) also specifies the same provision as ACI 318-05 regarding the threshold 

torsion. In Section 5.8.2.1, it characterizes the threshold torsion as one-quarter of the cracking 
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torsion multiplied by the reduction factor.  Equation 2-5 corresponds with the threshold torsion 

portion of AASHTO (2004) equation. 

crTT φ25.0=          (2-5) 

The above referenced equations considered the properties and dimensions of the concrete.  

They did not take into consideration the added strength provided by the presence of 

reinforcement in the member.  For the purposes of this research, it was important to consider the 

impact of the reinforcement on the strength of the concrete shaft. 

2.3.2 Nominal Torsional Strength 

ACI 318-05 Section 11.6.3.5 states that if the ultimate factored design torsion exceeds the 

threshold torsion, then the design of the section must be based on the nominal torsional strength.  

The nominal torsional strength (Equation 2-6) takes into account the contribution of the 

reinforcement in the shaft. 

θcot
2

s
fAA

T ytto
n =         (2-6) 

Where 
Tn = nominal torsional moment strength (in.-lb.) 
Ao = gross area enclosed by shear flow path (in.2) 
At = area of one leg of a closed stirrup resisting torsion with spacing s (in.2) 
fyt = specified yield strength fy of transverse reinforcement (psi) 
s  = center-to-center spacing of transverse reinforcement (in.) 
θ  = angle between axis of strut, compression diagonal, or compression field and 
         the tension chord of the member  
 
The angle, θ, is taken as 45°, if the member under consideration is nonprestressed.  This 

equation, rather than taking into account the properties of the concrete, takes into account the 

properties of the reinforcement in the member.  These inputs include the area enclosed by the 

reinforcement, the area of the reinforcement, the yield strength of the reinforcement, and the 

spacing of the reinforcement.  For the purpose of this research, the reinforcement under 

consideration was the hoop steel.   
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AASHTO (2004) also outlines provisions for the nominal torsional resistance in Section 

5.8.3.6.2.  Equation 2-7 is the same equation that ACI 318-05 presents.  The only difference is in 

the presentation of the equations.  The variables are represented by different notation. 

s
fAA

T yto
n

θcot2
=         (2-7) 

Where 
Tn = nominal torsional moment (kip-in.) 
Ao = area enclosed by the shear flow path, including any area of holes therein (in.2) 
At = area of one leg of closed transverse torsion reinforcement (in.2) 
θ  = angle of crack 
As the above referenced equation evidences, the ACI 318-05 and the AASHTO (2004) 

provisions for nominal torsional strength are the same.  Based on the code provisions, the 

nominal torsional strength represents the torsional strength of the cross-section. 

2.3.3 Combined Shear and Torsion 

Another area that had to be considered in this research was the effect of combined shear 

and torsion.  Both ACI 318-05 and AASHTO (2004) outline equations for the combined shear 

and torsion.  Since the foundation had a shear load applied to it, it had to be determined whether 

the shear load was large enough to necessitate consideration. The ACI 318-05 equation 

(Equation 2-8) and the AASHTO (2004) equation (Equation 2-9) are presented hereafter.  The 

ACI 318-05 equation is located in Section 11.6.3.1 of ACI 318-05, and the AASHTO (2004) 

equation is presented in Section 5.8.3.6.2 of that specification.  The ACI 318-05 equation is 

presented with Vu substituted on the left-hand side.   

2

2

2

7.1 ⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
+⎟⎟

⎠

⎞
⎜⎜
⎝

⎛
≤

oh

hu

w

u
u A

pT
db

V
V        (2-8) 

Where 
Vu = factored shear force at section (lb.) 
bwd = area of section resisting shear, taken as Aoh (in.2) 
Tu = factored torsional moment at section (in.-lb.) 
ph = perimeter of centerline of outermost closed transverse torsional reinforcement    
     (in.) 



 

13 

Aoh = area enclosed by centerline of the outermost closed transverse torsional  
             reinforcement (in.2) 
 
The AASHTO (2004) equation that is presented (Equation 2-9) is intended for the 

calculation of the factored shear force.  For the purpose of this project, the right-hand side of the 

equation was considered. 

2
2

2
9.0

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
+=

o

uh
uu A

Tp
VV        (2-9) 

Where 
Vu = factored shear force (kip) 
ph = perimeter of the centerline of the closed transverse reinforcement (in.) 
Tu = factored torsional moment (kip-in.) 
 
The determination of whether or not shear had to be considered was made based on a 

comparison of the magnitudes of the coefficients of these terms.  This is investigated further in 

Chapter 3. 

2.3.4 ACI Concrete Breakout Strength for Anchors 

In ACI 318-05 Appendix D, the concrete breakout strength is defined as, “the strength  

corresponding to a volume of concrete surrounding the anchor or group of anchors 

separating from the member.”  A concrete breakout failure can result from either an applied 

tension or an applied shear.  In this report, the concrete breakout strength of an anchor in shear, 

Section D.6.2, will be studied.  The breakout strength for one anchor loaded by a shear force 

directed perpendicular to a free edge (Figure 2-5) is given in Equation 2-10. 
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7 aco
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d
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⎠

⎞
⎜⎜
⎝

⎛
=        (2-10) 

Where 
Vb = basic concrete breakout strength in shear of a single anchor in cracked concrete  

   (lb.) 
e = load bearing length of anchor for shear (in.) 

do = outside diameter of anchor (in.) 
ca1 = distance from the center of an anchor shaft to the edge of concrete in one  
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   direction; taken in the direction of the applied shear (in.) 
 

 

Vb 

ca1 

Vb 

Concrete Edge 
 

Figure 2-5. Concrete breakout failure for an anchor loaded in shear 

The term e is limited to 8do according to Section D.6.2.2.  The equations in ACI 318-05 

were developed based on a 5% fractile and with the strength in uncracked concrete equal to 1.4 

times the strength in cracked concrete.  The mean concrete breakout strength in uncracked 

concrete is provided in Fuchs et al. (1995) and given in Equation 2-11. 

( ) 5.1
1

2.0

13 aco
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e
b cfd

d
V ′⎟⎟

⎠

⎞
⎜⎜
⎝

⎛
=         (2-11) 

For a group of anchors, Equation 2-12 applies.  This equation is the nominal concrete 

breakout strength for a group of anchors loaded perpendicular to the edge in shear. 

bVcVedVec
Vco

Vc
cbg V

A
A

V ,,, ψψψ=        (2-12) 

Where 
Vcbg = nominal concrete breakout strength in shear of a group of anchors (lb.) 
AVc = projected concrete failure area of a single anchor or group of anchors, for 
             calculation of strength in shear (in.2) 
AVco = projected concrete failure area of a single anchor, for calculation of strength in  
              shear, if not limited by corner influences, spacing, or member thickness (in.2) 
        = 4.5(ca1)2, based on an ≈35° failure cone (Figure 2-6) 
ψec,V = factor used to modify shear strength of anchors based on eccentricity of applied 
                loads, ACI 318-05 Section D.6.2.5 
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ψed,V = factor used to modify shear strength of anchors based on proximity to edges of  
               concrete member, ACI 318-05 Section D.6.2.6 
ψc,V = factor used to modify shear strength of anchors based on presence or absence of   
             cracks in concrete and presence or absence of supplementary reinforcement,  

   ACI 318-05 Section D.6.2.7, accounted for in Equation 2-11  
 

 

Vb 

ca1 
≈35° 

1.5ca1 1.5ca1 

Vb 

≈35° 

1.5ca1 

AVco 

1.5ca1 1.5ca1 

1.5ca1 
AVco=1.5ca1·2(1.5ca1) 
       =4.5(ca1)2 

 

Figure 2-6. Determination of AVco based on the ≈35° failure cone 

The resultant breakout strength is for a shear load directed perpendicular to the edge of the 

concrete.  Therefore, an adjustment had to be made to account for the shear load acting parallel 

to the edge since this was the type of loading that resulted from torsion on the anchor group.  In 

Section D.5.2.1(c) a multiplication factor of two is prescribed to convert the value to a shear 

directed parallel to the edge (Figure 2-7).  Fuchs et al. (1995) notes that the multiplier is based on 

tests, which indicated that the shear load that can be resisted when applied parallel to the edge is 

approximately two times a shear load applied perpendicular to the edge. 
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Vb 

a 

Vb 

Perpendicular 
Axis 

90° 

b 
 

Figure 2-7. Shear load oriented (a) perpendicular to the edge and (b) parallel to the edge 

In order to convert the breakout strength to a torsion, the dimensions of the test specimen 

were considered to calculate what was called the nominal torsional moment based on the 

concrete breakout strength, Tn,breakout. 

2.3.5 Alternate Concrete Breakout Strength Provisions 

In the book Anchorage in Concrete Construction, Eligehausen et al. (2006), the authors 

presented a series of equations for the determination of the concrete strength based on a concrete 

edge failure.  These equations are presented in Chapter 4, Section 4.1.2.4 of the text.  Equation 2-

13 is the average concrete breakout strength of a single anchor loaded in shear.  It must be noted 

that this equation is for uncracked concrete. 

5.1
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0
, 0.3 acceocu cfdV ⋅⋅⋅⋅= βα        (2-13) 

Where 
V0

u,c = concrete failure load of a near-edge shear loaded anchor (N) 
do = outside diameter of anchor (mm) 

e = effective load transfer length (mm) 
fcc200 = specified concrete compressive strength based on cube tests (N/mm2) 
 ≈ 1.18f’c 
ca1 = edge distance, measured from the longitudinal axis of the anchor (mm) 
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As was the case for the ACI 318-05 equations, the term e is limited to 8do.  Equation 2-14 

accounts for the group effect of the anchors loaded concentrically.  The authors stated that cases 

where more than two anchors are present have not been extensively studied.  They did, however, 

state that the equation should be applicable as long as there is no slip between the anchor and the 

base plate. 

0
,, cu

Vco

Vc
cu V

A
A

V ⋅=          (2-14) 

Where 
AVc = projected area of failure surface for the anchorage as defined by the overlap  
    of individual idealized failure surfaces of adjacent anchors (mm2) 
AVco = projected area of the fully developed failure surface for a single anchor  

    idealized as a half-pyramid with height ca1 and based lengths 1.5ca1 and 3ca1 (mm2) 
 
ACI 318-05 specifies that, in order to convert the failure shear directed perpendicular to 

the edge to the shear directed parallel to the edge, a multiplier of two be applied to the resultant 

load.  The provisions outlined in this text take a more in-depth approach to determining this 

multiplier.  The method for calculating this multiplier is detailed in Section 4.1.2.5 of 

Eligehausen et al. (2006).  The authors stated that, based on previous research, the concrete edge 

breakout capacity for loading parallel to an edge is approximately two times the capacity for 

loading perpendicular to the edge if the edge distance is constant.  The authors further moved to 

outline equations to calculate the multiplier based on the angle of loading.  The first equation 

(Equation 2-15) that is presented in the text is a generalized approach for calculating the 

multiplier when the angle of loading is between 55° and 90° of the axis perpendicular to the 

edge.  For loading parallel to the edge the angle is classified as 90° (Figure 2-7). 

αα
ψα sin5.0cos

1
, +
=V        (2-15) 

Where 
ψα,V = factor to account for the angle between the shear load applied and the  
    direction perpendicular to the free edge of the concrete member 
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α = angle of the shear load with respect to the perpendicular load 
 
This equation results in a factor of two for loading parallel to the edge.  Equation 2-16 

provides the concrete breakout strength for shear directed parallel to the edge using ψαV.   

cuVVuc VV ,, ⋅= αα ψ         (2-16) 
Where 
Vuc,αV= concrete failure load for shear directed parallel to an edge based on ψαV  (N) 
 
An alternate equation for calculating this factor is also presented in the Eligehausen et al. 

(2006) text.  This equation is only valid for loading parallel to the edge.  This equation is based 

on research proposing that the multiplier to calculate the concrete breakout capacity for loading 

parallel to the edge based on the capacity for loading perpendicular to the edge is not constant.  

Rather, it suggested that it is based on the concrete pressure generated by the anchor.  The base 

equation for the application of this factor is Equation 2-17. 

cuparallelparallelcu VV ,,, ⋅=ψ        (2-17) 
Where 
Vu,c,parallel = concrete failure load in the case of shear parallel to the edge (N) 
ψparallel  = factor to account for shear parallel to the edge 
Vu,c  = concrete failure load in the case of shear perpendicular to the edge (N)  
 
Equation 2-18 is used for the determination of the conversion factor ψparallel. 
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kψ       (2-18) 

Where 
k4 = 1.0 for fastenings without hole clearance 
    0.75 for fastenings with hole clearance 
n = number of anchors loaded in shear 
fcc = specified compressive strength of the concrete (N/mm2) 
    conversion to f’c as specified for Equation 2-13 
 
The results of Equation 2-13 through Equation 2-18 are presented alongside the ACI 318-

05 equation results in Chapter 3.  These are presented for comparative purposes only.   
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2.3.6 ACI 318-05 vs. AASHTO LRFD Bridge Design Specifications 

In Sections 2.3.1 through 2.3.3, both the applicable design equations in ACI 318-05 and 

AASHTO (2004) were presented.  As was shown, the ACI and AASHTO equations were the 

same.  Additionally, the provisions for the concrete breakout failure capacity are only provided 

in ACI 318-05.  AASHTO does not provide design guidelines for this failure.  Therefore, the 

ACI 318-05 equations were used throughout the course of this research program.   

2.4 Alternative Foundation Designs 

Another focus of this research study was the identification of alternative foundation 

designs to be considered for future investigation.  Four potential alternatives were identified.  

This section overviews the failure mode, ease of constructability, durability, and inspection 

considerations for each proposed foundation. 

2.4.1 Reinforced Concrete Foundations 

Three of the alternatives use reinforced concrete.  The first alternative (Figure 2-8) is a 

steel pipe with plates welded at four points that is cast into a circular concrete foundation.  

Another alternative is shown in Figure 2-9 and incorporates a geometric hollow steel section, 

displayed as an octagon, cast into concrete.  The third reinforced concrete foundation alternative 

(Figure 2-10) is a steel pipe with studs welded to the pipe.  The foundation is shown with the 

steel pipe, but can also be integrated with the octagonal section.  

These foundations must be designed to resist all applied loads (e.g., wind load, dead load).  

The failures modes that need to be considered for the reinforced concrete foundations are 

torsional failure of the steel pipe, torsional failure of the concrete, flexural failure of the concrete, 

and concrete breakout failure.  For the foundation in Figure 2-8, the failure of the embedded 

plates and the failure of the weld between the plates and the pipe must be evaluated.  
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Additionally, for the foundation with the steel studs (Figure 2-10), the failure of the studs and the 

failure of the weld between the studs and the pipe must be considered. 

These foundations will not require the installation of anchor bolts or a grout pad, which 

will simplify construction.  However, the foundation will still require the use of reinforced 

concrete.  The pipes will be cast into concrete protecting them against corrosion.  The surface of 

the concrete should be routinely inspected for cracks indicative of a concrete breakout failure, 

and the steel pipe should be inspected for indications of failure and for corrosion of the steel 

where the pipe is exposed.  

 

 

Figure 2-8. Alternate foundation: steel pipe with plates welded at four locations 
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Figure 2-9. Alternate foundation: geometric hollow section 

 

 

Figure 2-10. Alternate foundation: pipe with welded studs  
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2.4.2 Helical Pipe 

The fourth alternative is involves use of a helical pipes (Figure 2-11), which would be 

screwed directly into the soil.  For the helical pipes, the soil strength is of key importance along 

with the structural capacity of the steel.  As with the previous three alternatives, this alternative 

will not require the installation of a grout pad or anchor bolts.  In addition, the helical pipe 

alternative will not require the use a reinforced concrete foundation, which makes it the most 

construction-friendly of the three designs.  However, care must be taken to ensure that the pipes 

are not damaged during the installation process.  The helical pipes should also be galvanized or 

otherwise protected to guard against corrosion.   

Inspection of the helical pipes below the surface of the soil will not be possible, which is 

why galvanized steel or other corrosion protection should be used.  In addition to inspecting the 

steel above ground level, the deflection of structure should also need be routinely measured to 

ensure that it is securely anchored in the ground.  One method of doing so would be to measure 

the rotation of the sign pole from the vertical plane.  Geotechnical inspections in addition to 

structural inspections may need to be conducted for this foundation.   
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Figure 2-11. Alternate foundation: helical pipes 

2.4.3 Summary  

All of the proposed foundation designs are shown with annular base plates.  An alternative 

method for attaching the sign pole for the first three options would be to telescope the sign pole 

over the foundation section.  It is recommended that these alternative foundations be considered 

for further investigation to determine their viability for use in new foundations. 

 

 



 

24 

CHAPTER 3 
DEVELOPMENT OF EXPERIMENTAL PROGRAM 

After a thorough background investigation, it was determined that the most likely cause of 

the failure was the concrete breakout of an anchor loaded by a shear force directed parallel to a 

free edge.  The shear force on the individual anchors was caused by torsion applied to the bolt 

group from the sign post.  Based on this determination, an experimental program was formulated 

to determine if this was in fact the failure mode of the foundation.  Therefore, it was of the 

utmost importance to design the test apparatus to preclude other failure modes.  This chapter 

focuses on the development of the experimental program. 

3.1 Description of Test Apparatus 

The test apparatus was designed such that the field conditions could be closely modeled for 

testing at the Florida Department of Transportation (FDOT) Structures Research Center.  A 

schematic of the test apparatus is shown in Figure 3-1.  The test apparatus consisted of: 

• A 30” (762 mm) diameter concrete shaft that extended 3’-0” (914 mm) outward from the 
concrete block 

• Twelve 37” (940 mm), 1.5” (38.1 mm) diameter F1554 Grade 105 anchor bolts embedded 
into the concrete around a 20” (508 mm) diameter 

• A 16” (406 mm) diameter steel pipe assembly welded to a 24” (610 mm) diameter, 1” (25.4 
mm) thick steel base plate with holes drilled for the anchor bolts to provide the connection 
between the bolts and pipe assembly  

• A 6’-0” x 10’-0” x 2’-6” (1830 mm x 3050 mm x 762 mm) reinforced concrete block to 
provide a fixed support at the base of the shaft 

• Two assemblies of C12x30 steel channels and plates to attach the block to the floor 
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LOAD LOCATION 

SHAFT 

CONCRETE BLOCK 

PIPE ASSEMBLY 

BASE PLATE 

 

Figure 3-1.  Schematic of test apparatus 

The basis for the design of the various components of the test apparatus was one half of the 

size of the failed foundation investigated during the site visit.  The dimensions of the field 

foundation are presented in Table 3-1.  From that point, the elements of the test apparatus were 

designed to preclude all failure modes other than the concrete breakout failure of the anchors. 

Information pertaining to the design of the components of the apparatus is presented in the 

following sections.  Figures 3-2 through 3-4 are drawings of the test apparatus.  For large scale 

dimensioned drawings, reference Appendix A.  Complete design calculations are located in 

Appendix B. 

Table 3-1. Field and test specimen dimensions 
Component Field Dimension Test Specimen Dimension 
Shaft Diameter 60 in. 30 in. 
Hoop Steel Diameter 46 in 27 in. 
Hoop Steel Size #5 #3 
Longitudinal Steel 
Size 

#9 #4 

Anchor Bolt Diameter 2 in. 1½ in. 
Anchor Embedment 55 in. 26 in. 
Bolt Spacing 
Diameter 

36 in. 20 in. 

Base Plate Diameter 42 in. 24 in. 
Base Plate Thickness 1⅛ in. 1 in. 



 

26 

 

 

Figure 3-2. Front elevation of test apparatus 

 

 

Figure 3-3. Plan view of test apparatus 
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Figure 3-4. Side elevation of test apparatus 

3.2 Shaft Design 

The starting point for the design of the concrete shaft was based on developing a test 

specimen approximately one half of the size of the foundation that was investigated during the 

site visit.  From there, the various components of the shaft were designed the meet the ACI 318-

05 requirements, and to prevent failure before the concrete breakout strength was reached and 

exceeded.  All of the strengths were calculated using a concrete strength of 5500 psi (37.9 MPa), 

which was the strength indicated on the FDOT standard drawings.   

3.2.1 Torsion Design 

The basic threshold torsional strength of the shaft, 24.6 kip-ft (33.4 kN-m) was calculated 

using the ACI 318-05 torsional strength equation (Equation 2-3).  This strength, however, did not 

take into account the reinforcement in the shaft.  Therefore, it was assumed that the threshold 

torsion would be exceeded.  As a result, the torsional strength of the shaft was based on the 

nominal torsional strength.   
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In order to calculate the torsional strength that the shaft would exhibit during testing, the 

ACI nominal torsional strength equation was applied.  Before the strength was calculated, the 

minimum requirements for the shaft reinforcement were followed as outlined in ACI 318-05 

Section 7.10.5.6 and Section 11.6.5.1.  The nominal torsional strength (Equation 2-6) was then 

calculated for the specimen.  This value, 252 kip-ft (342 kN-m), was compared to the concrete 

breakout strength.  The spacing of the hoop steel in the shaft was altered until the nominal 

torsional strength exceeded the concrete breakout strength.  Hence, if the concrete breakout 

failure was the correct failure mode, it would occur before the torsional capacity of the shaft was 

exceeded during testing. 

3.2.2 Longitudinal and Transverse Reinforcement 

As was outlined in the previous section, the required amount of hoop steel to meet the ACI 

318-05 specifications was determined using guidelines from Chapters 7 and 11 in the code.  The 

resultant longitudinal steel layout was twenty-four #4 bars spaced evenly around a 27 in. (686 

mm) diameter circle.  The transverse hoops were comprised of #3 bars at 2.5 in. (635 mm) 

totaling fourteen #3 bar hoops.  The required splice for the #3 bar was 12 in. (305 mm), and the 

length required to develop the #4 bar into the concrete block was 8 in. (203 mm) with a 6 in. 

(152 mm) hook.  In the test setup, the #4 bars extended 27 in. (686 mm) into the block, which 

exceeded the required length.  This length was used for simplicity in design and construction of 

the test setup.  The #4 bars were tied into one of the cages of reinforcement in the concrete block. 

3.2.3 Flexure 

Due to the eccentric loading of the bolts, the flexural capacity of the shaft had to be 

calculated.  It had to be determined that the shaft would not fail in flexure under the load applied 

during testing.  The flexural reinforcement in the shaft was the longitudinal reinforcement, the #4 

bars.  The first step to determine the capacity was to assume the number of bars that would have 



 

29 

yielded at the time of failure.  From that point, the neutral axis of the shaft was located following 

the ACI 318-05 concrete stress block methodology presented in Chapter 10 of the code.  It was 

then checked if the number of bars that had yielded was a good assumption.  Once this was 

verified, the nominal moment capacity of the shaft was calculated, and, then, compared to the 

maximum flexural moment based on the concrete breakout capacity.  The flexural capacity of the 

shaft, 267 kip-ft (355 kN-m), exceeded the maximum flexural moment on the shaft, 60.6 kip-ft 

(95.2 kN-m). 

3.3 Anchor Design 

3.3.1 Diameter of Anchor Bolts 

The starting point for the diameter of the F1554 Grade 105 anchor bolts to be used in the 

test apparatus was based on half the diameter of those in the field specimen. The size determined 

using that methodology was 1 in. (25.4 mm).  Once the concrete breakout strength capacity of 

the anchors was determined, the corresponding shear load on each of the bolts was calculated.  

The anchor bolt diameter was increased to 1.5 in. (38.1 mm) in order to ensure that the bolts 

would not experience steel failure in flexure or shear.  This resulted in the area of the anchors 

used in the test being one half of those in the field specimen which is reasonable for a one-half 

scale model where the area of the anchor is a critical parameter.  The maximum flexure on the 

bolts was calculated by taking the maximum shear applied to each bolt and calculating the 

corresponding maximum flexural moment (Figure 3-5).  The lever arm (Equation 3-1) for the 

calculation of the capacity was defined in Eligehausen et al. (2006) Section 4.1.2.2 b.   

31 ael +=          (3-1) 
Where: 
l  = lever arm for the shear load (in.) 
e1 = distance between the shear load and surface of concrete (in.) 
a3 = 0.5·do, without presence of a nut on surface of concrete, Figure 3-5 (in.) 
          0, with a nut on surface of concrete 
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Figure 3-5. Lever arm for the calculation of bolt flexure 

The base plate was restrained against rotation, and translation was only possible in the 

direction of the applied shear load.  The maximum applied moment for each bolt was calculated 

based on these support conditions and the lever arm calculation.  Full fixity occurred a distance 

a3 into the shaft.  

Using the section modulus of the bolts, the stress was then calculated and compared to the 

yield strength of the bolts, 105 ksi (724 MPa).  The shear strength of the bolts was calculated 

using the provisions in Appendix D of ACI 318-05.  In both cases it was determined that the 

bolts had sufficient strength. 

3.3.2 Concrete Breakout Strength of Anchor in Shear Parallel to a Free Edge 

The breakout strength provisions outlined in ACI 318-05 Appendix D and the breakout 

provisions introduced in Eligehausen et al. (2006) were applied to the design of the shaft.  

Equation 2-11, from ACI 318-05, was used as the primary equation for the calculation of the 

breakout strength.  In order to apply the ACI provisions to the circular foundation a section of the 

concrete was ignored (Figure 3-6).  If the full cover, c, was used in the calculation, the failure 
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region would have included area outside of the circle.  Rather than extending beyond the edge of 

the concrete, the ≈35 degree failure cone (Figure 2-6) was extended to the edge of the shaft as 

shown in Figure 3-6.  Equation 3-2 was developed to determine the adjusted cover, ca1.   

( )
25.3

25.3 222

1
bbb

a

rrrr
c

−−+
=        (3-2) 

Where 
rb = radius measured from the centerline of the bolt to the center of the foundation (in.) 
    (Figure 3-6) 
r = radius of circular foundation (in.)  
  
As presented in Section 2.3.4, the projected concrete failure area for a single anchor, AVco, 

is equivalent to 4.5(ca1)2.  Figure 3-7 illustrates the development of the projected concrete failure 

area for a group of anchors, AVc, as a function of the number of bolts, n, the radius of the shaft, r, 

and the adjusted cover.  The resultant concrete breakout strength using the adjusted cover 

approach was conservative relative to assuming the full cover.  

1.5ca1 1.5ca1 ca1 c 

A 
rb 

r 

2
15.4 aVco cA =

 

Figure 3-6. Adjusted cover based on a single anchor and ≈35° failure cone 



 

32 

 

r 
n

A °
=

360

2
sin2 Archord =

15.1 aVc cchordnA ⋅⋅=

 

Figure 3-7. Development of the projected failure area for the group of anchors around a circular 
foundation 

Equation 3-3 and Equation 3-4 are used to calculate the concrete breakout torsion, 

Tn,breakout, and are based on the ACI provisions for shear parallel to the free edge.   
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A 11 5.1
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  bbbreakoutn rVnT ⋅⋅⋅= 2,         (3-4) 
 
Where 
A = angle of circular sector for each bolt (deg) (Figure 3-7) 
ca1 = adjusted cover (in.) (Equation 3-2) 
rb = radius measured from the centerline of the bolt to the center of the foundation (in.)  
    (Figure 3-6) 
AVc = projected concrete failure area of a group of anchors (in.2) (Figure 3-7) 
AVco = projected concrete failure area of a single anchor (in.2) (Figure 3-6) 
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Vb = concrete breakout strength in shear for a single anchor calculated using Equation 2- 
    11 with ca1 as calculated in Equation 3-2 (lb.) 
n = number of bolts 
 
During the analysis of the design equations, an issue arose regarding the calculation of the 

factor ψparallel.  The result of Equation 2-18 was 4.06 compared to the ACI 318-05 factor and ψα,V 

of 2.0.  This prompted an investigation of the application of the multiplier to the circular 

foundation in this research program. 

The majority of the tests for the determination of Vu,c (Equation 2-14) were for groups of 

two bolts.  Therefore, it was investigated how the AVc/AVco term is affected by the spacing 

between the bolts and the number of bolts.  Figure 3-8 shows that for spacing, s, of 3.0ca1 or 

greater there is no overlap of the breakout cones.  In those cases the strength is the sum of the 

single anchor strengths.  Figure 3-9 illustrates the overlap of the breakout cones.  The AVc/AVco 

term is used to calculate the breakout strength for the case where the failure cones overlap.  

ca1

1.5ca1 1.5ca1 1.5ca1 1.5ca1

s=3.0ca1

ca1

1.5ca1 1.5ca1 1.5ca1 1.5ca1

s=3.0ca1  

Figure 3-8. Two anchor arrangement displays the minimum spacing such that no overlap of the 
failure cones occurs 

AVcAVc

 

Figure 3-9. Overlap of failure cones 
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AVc/AVco can be normalized by dividing by the number of bolts.  An increase in the number 

of bolts at the same spacing along a straight edge leads to a reduction in the normalized AVc/AVco 

term.  This reduction is illustrated in Figure 3-10.  The contribution of the failure cone 

outstanding “legs” at the ends of the group area, AVc, decreases as the number of bolts increases.  

For a circular foundation, with s<3.0ca1, there is a constant overlap of the failure cones with no 

outstanding “legs” (Figure 3-11).  The equivalent number of bolts along a straight edge is taken 

as infinity in order to represent a circular foundation (i.e. no outstanding “legs”).  Therefore, the 

normalized AVc/AVco term for this case was calculated for an infinite number of bolts at the 

prescribed spacing for the foundation.  To convert these ratios into a multiplier for ψparallel, the 

ratio of the normalized AVc/AVco for an infinite number of bolts to the normalized term for two 

bolts was calculated.  That multiplier, 0.52, was applied to the ψparallel term resulting in an 

adjusted ψparallel of 2.1.  This resulting value agreed with the ACI 318-05 factor and the 

Eligehausen et al. (2006) factor ψα,V of 2.0.   

AVc
“Leg”“Leg”

AVc

“Leg”“Leg”

AVc
“Leg”“Leg”

AVc
“Leg”“Leg”

AVc
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AVc
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Figure 3-10. The contribution of the “legs” of the failure cone to AVc along a straight edge 
decreases as the number of bolts increases 
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Figure 3-11. Overlap of failure cones for a circular foundation 

The resultant concrete breakout torsions, based on the Eligehausen et al. (2006) concrete 

breakout strength (Equation 2-13), were 167 kip-ft (227 kN-m) using ψparallel of 2.1 in Equation 

2-17, and 159 kip-ft (216 kN-m) using ψα,V  of 2.0 in Equation 2-16.  These torsions were 

calculated using the same moment arm, rb, used in Equation 3-3 and Equation 3-4.  These results, 

in addition to the results of the other calculations, are summarized in Table 3-2.  

Table 3-2. Summary of design calculations 
Component Design Type Equation Reference Result 
Shaft    
 Cracking Torsion (2-1) 131 kip-ft 
 Basic Torsion (2-2) 131 kip-ft 
 Threshold Torsion (2-3) 24.6 kip-ft 
 Nominal Torsion (2-4) 252 kip-ft 
Anchor    
 ACI Concrete 

Breakout 
(2-12) 182 kip-ft 

 Eligehausen et. al. 
Concrete Breakout 

(2-16) 159 kip-ft 

 Eligehausen et. al. 
Concrete Breakout 

(2-17) 167 kip-ft 

 Bolt Flexure  253 kip-ft 
 Bolt Shear  1756 kip-ft 
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3.3.3 Development Length of the Bolts 

Another key aspect of the shaft design was to ensure that the anchor bolts were fully 

developed.  As discussed in ACI 318-05 D.4.2.1 and RD.4.2.1, this can be accomplished by 

providing reinforcement fully anchored on each side of the breakout plane.  In the case of the 

shaft, the breakout plane originates at the head of the anchors.  In order to meet the code 

requirements, the splice length between the #4 bars and anchor bolts was calculated using the 

development length equations presented in ACI 318-05 Chapter 12.  The bolts needed overlap 

the #4 bars across 26.7 in. (678 mm), and in the test setup the overlap was 29 in. (737 mm).  

Therefore, this requirement was met.   

3.4 Steel Pipe Apparatus Design 

The components of the steel pipe apparatus included the pipe, which was loaded during 

testing, and the base plate.  The pipe design was based on the interaction between torsion, 

flexure, and shear as presented in AISC (2001), LRFD Manual of Steel Construction-LRFD 

Specification for Steel Hollow Structural Sections.  Each of the individual capacities was 

calculated for various pipe diameters and thicknesses.  The individual strengths were compared 

to the projected failure loads for testing, the concrete breakout failure loads. In addition to 

verifying that the capacity of the pipe exceeded those loads, the interaction of the three capacities 

was verified.  The purpose was to check that the sum of the squares of the ultimate loads divided 

by the capacities was less than one.  Based on this analysis, it was concluded that an HSS 16.000 

x 0.500 pipe would provide sufficient strength.   

In order to load the pipe, it needed to have a ninety degree bend in it.  This was achieved 

by welding two portions of pipe cut on forty-five degree angles to a steel plate.  The weld size 

for this connection was determined such that the effective throat thickness would equal the 

thickness of the pipe, which was 0.50 in. (12.7 mm).  



 

37 

The factors included in the design of the base plate were the diameter of the pipe, required 

weld size, bolt hole diameter, and the required distance between the edge of the bolt hole and the 

edge of the plate.  The required width of the weld between the base plate and the pipe was 

calculated such that the applied torsion could be transferred to the plate without failing the weld.  

From that point, the bolt hole location diameter had to be checked to ensure that there was 

sufficient clearance between the weld and the nuts.  It was important that the nuts could be fully 

tightened on the base plate.  A 0.25 in. (6.35 mm) oversize was specified for the bolt hole 

diameter.  The oversize for the bolt hole diameter was based on the FDOT Standard Drawing No. 

11310 for cantilever sign structures.  Note 12 on the drawing specifies that the maximum 

allowable oversize for anchor bolts is 0.50 in. (12.7 mm).  The oversize dimension for the test 

specimen was taken as one half of the size of the maximum allowable, 0.25 in. (6.35 mm). 

Beyond that point, it was ensured that there would be sufficient cover distance between the bolt 

hole and the edge of the plate. 

The design of the components of the steel pipe apparatus was crucial because these pieces 

had to operate efficiently in order to correctly apply load to the bolts.  If the apparatus were to 

fail during testing, the objective of the research could not be achieved.  The weight of the pipe 

apparatus was calculated in order to normalize the load during testing.  The load applied to the 

anchorage would be the load cell reading less the weight of the pipe apparatus. 

3.5 Concrete Block Design 

The design of the concrete block was based on several key factors to ensure that it served 

its purpose as a fixed support at the base of the shaft.  The amount of reinforcement required was 

based on a strut-and-tie model of the block as outlined in ACI 318-05 Appendix A and, as an 

alternate approach, beam theory to check the shear strength and flexural strength of the block.  

For the flexural capacity calculations, the ACI 318-05 concrete stress block provisions were 
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utilized.  Based on the results of both approaches, it was determined that 3 #8 bars, each with a 

12 in. (305 mm) hook on both ends, spaced across the top and the bottom of the block were 

required.  Additionally, two cages of #4 bars were placed in the block on the front and back faces 

meeting the appropriate cover requirements to serve as supplementary reinforcement.  The 

purpose of reinforcing the block was to ensure structural stability of the block throughout the 

testing process. 

Two channel apparatuses were provided to tie the block to the floor of the laboratory to 

resist overturning.  The loads that had to be resisted by each tie-down were calculated such that 

the floor capacity of 100 kips (445 kN) per tie-down would not be exceeded.  The channels were 

designed in accordance with the provisions set forth in the AISC (2001).  In addition to assuring 

that the concrete block system had sufficient capacity to resist the applied load, the bearing 

strength of the concrete had to be calculated.  This was done in order to verify that the concrete 

would not fail in the region that was in contact with the steel channels.  The bearing strength was 

found to be sufficient.  As a result, it was concluded that the concrete block system would 

efficiently serve as a fixed connection 

3.6 Combined Shear and Torsion 

As was presented in Chapter 2, a calculation was made to ensure that shear did not need to 

be considered in the design.  Rather than inputting the values for the ultimate shear and ultimate 

torsion into Equation 2-8, the coefficients of these terms were calculated.  The base for doing so 

was to input the torsion as a function of the shear.  For the test specimen, the ultimate torsion, Tu, 

was taken as the moment arm multiplied by the ultimate shear, Vu.  The moment arm for the load 

was 9 ft. (2740 mm).  As an alternate approach, the actual concrete breakout strength and the 

corresponding shear could have been inputted into the equation rather than the generic variables.  

The result of the calculation to determine the coefficients was that the coefficient for the shear 
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term was 1 compared to a coefficient of 88 for the torsion term.  This calculation sufficiently 

verified that the shear contribution could be ignored in design. 

3.7 Overview 

The previous sections detailed the design of the various components of the experimental 

program.  It was of the utmost importance that the concrete block system and pipe apparatus 

would not fail during testing.  Furthermore, all other foundation failure modes had to be 

eliminated.  This ensured that if shear breakout failure in shear was the failure mode, it would be 

observed during testing. 

Figure 3-12 and Figure 3-13 show the fully assembled test specimen at the Florida 

Department of Transportation Structures Research Center.  

 

Figure 3-12. Assembled test specimen 
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Figure 3-13. Shaft with pipe apparatus attached prior to instrumentation being attached 
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CHAPTER 4 
IMPLEMENTATION OF TESTING PROGRAM 

In order to proceed with the testing of the specimen presented in Chapter 3, important 

considerations had to be made.  This chapter covers both materials and instrumentation.  The 

material considerations were the concrete strength, bolt strength, and carbon fiber reinforced 

polymer (CFRP) wrap.  The instrumentation used for testing were linear variable displacement 

transducers (LVDTs) and strain gages. 

4.1 Materials 

4.1.1 Concrete Strength 

The initial calculations for the design of the test setup were based on an assumed concrete 

strength of 5500 psi (37.9 MPa).  The concrete breakout strength was recalculated based on the 

concrete strength at the time of testing.  On the date of the test, the concrete strength was 6230 

psi (43 MPa).  This strength was determined from the average of three 6 in. (152 mm) x 12 in. 

(305 mm) cylinder tests. 

4.1.2 Bolt Strength 

The yield strength of the F1554 Grade 105 anchor bolts was assumed to be 105 ksi (723.95 

MPa).  This was the strength used to calculate the flexural and shear strengths of the bolts. 

4.1.3 Carbon Fiber Reinforced Polymer Wrap 

The first test was stopped after significant cracking and the test specimen quit picking up 

additional load.  The loading was ceased before the specimen completely collapsed.  This 

allowed a second test to be performed on the specimen after it was retrofitted with a carbon fiber 

reinforced polymer (CFRP) wrap.  The second test verified that a CFRP wrap is an acceptable 

means to retrofit the failed foundation.   
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The amount of CFRP that was applied to the shaft was determined by calculating the 

amount of CFRP required to bring the shaft back to its initial concrete breakout strength, 

Tn,breakout.  The CFRP wrap that was used for the retrofit was SikaWrap Hex 230C. The property 

specifications for the SikaWrap were based on the mean strength minus 2 standard deviations.  

ACI 440.R-02 Section 3.3.1 specifies that the nominal strength to be used for design be based on 

the mean strength less 3 standard deviations.  Therefore, the design strength provided by Sika 

was adjusted to ensure that the design met the ACI specifications. 

Two methods were employed to determine the amount of the CFRP fabric that had to be 

applied around the foundation to return it to the initial concrete breakout strength.  The equations 

were developed for a generic torsion, T.  The first method, Figure 4-1, for calculating the amount 

of CFRP required was to convert the torsion to a shear load per bolt, Vparallel, Equation 4-1.   

nr
TV
b

parallel =         (4-1) 

Where 
Vparallel   = shear load directed parallel to a free edge per bolt (kip) 
T   = torsion (kip-ft.) 
rb  = radius measured from the centerline of the bolt to the center of the foundation  
     (in.) (Figure 3-6) 
n  = number of bolts 
 
The shear load, which was directed parallel to the edge, had to be converted to a load 

perpendicular to the edge.  In order to do this, the load was divided by the ACI multiplier of 2 

specified in ACI 318-05 Section D.5.2.1(c), Equation 4-2.  As previously stated, the factor of 2 

was based on tests that indicated that the concrete breakout strength for a shear load directed 

parallel to the edge is two times that of a shear load directed perpendicular to the edge.   

nr
TV

V
b

parallel
larperpendicu 22

==       (4-2) 
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That load per bolt directed perpendicular to the edge, Vperpendicular, was converted to a 

pressure around the circumference of the shaft, pr, Equation 4-3.   

rr
T

r
nVp

b
larperpendicur ππ 42

==       (4-3) 

The equivalent tension that had to be resisted by the CFRP wrap was then calculated.  

Equation 4-4 is the simplified equation for this tension.   

b
rCFRP r

TrpF
π4

==        (4-4) 

FCFRP FCFRP

pr 2
parallel

larperpendicu
V

V =

ACI 318-05 D.5.2.1(c)

Vparallel

Vperpendicular

T

FCFRP FCFRP

pr 2
parallel

larperpendicu
V

V =

ACI 318-05 D.5.2.1(c)

Vparallel

Vperpendicular

T

 

Figure 4-1. Method for the determination of the tension, FCFRP, that must be resisted by the 
CFRP wrap using internal pressure 
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An alternate method to calculate the tension that must be resisted by the CFRP wrap was 

based on a strut-and-tie model, Figure 4-2.   

Fbolt

Strut

FCFRPFCFRP

Vertical 
Component of 

Fbolt

Vparallel

Fbolt
CFRPθ

Fstrut
Vparallel

Fbolt

Strut

FCFRPFCFRP

Vertical 
Component of 

Fbolt

Vparallel

Fbolt
CFRPθ

Fstrut

FCFRPFCFRP

Vertical 
Component of 

Fbolt

FCFRP
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Component of 
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Figure 4-2. Alternate strut-and-tie method to calculate the tension, FCFRP, that must be resisted by 
the CFRP wrap 

Compression struts were directed between the bolts and ties were formed at the bolt 

location directed perpendicular to the edge.  The forces were calculated using the angles formed 

by the circular sector for the individual bolts.    The compression strut force, Fstrut, was calculated 

using Equation 4-5 with the shear force directed parallel to the edge, Vparallel, as calculated using 

Equation 4-1. 

 

CFRPbCFRP

parallel
strut nr

TV
F

θθ coscos
==       (4-5) 

Where 

nCFRP
180

=θ  
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The force per bolt, Fbolt, directed normal to the edge was taken as a component of Fstrut, 

Equation 4-6.   

CFRP
b

CFRPstrutbolt nr
TFF θθ tansin ==       (4-6) 

The value of TCFRP for this method was determined by cutting the section in half and 

calculating the vertical components of Fbolt at each bolt location.  Equation 4-7 is the simplified 

equation for FCFRP after the substitutions were made for the calculation of the vertical 

components.   

nr
TF

b
CFRP 2

=          (4-7) 

As previously mentioned, the concrete breakout strength, Tn,breakout, as calculated in 

Equations 3-3 and 3-4 was substituted for T in Equations 4-1 through 4-7 to determine the 

amount of CFRP that needed to be applied to the foundation.  The tension calculated using the 

first method was 18.5 kip (82.1 kN) compared to a tension of 9.7 kip (43 kN) using the strut-and-

tie approach.  The prompted an investigation into the two approaches.  First, the tension that 

must be resisted by the CFRP, FCFRP, was plotted against the number of bolts, Figure 4-3.   
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Figure 4-3. Comparison of methods for the calculation of FCFRP for Tn,breakout 

The plot illustrates that for up to six bolts the strut-and-tie method provides the more 

conservative result while beyond six bolts the edge pressure method provides the more 

conservative result.   

Note that both equations, Equations 4-4 and 4-7, contain the terms T and rb.  A normalized 

plot of the two equations was developed by dividing out the term T/rb, Figure 4-4.  This plot 

illustrates that the edge pressure method is constant as compared to the strut-and-tie method 

which is inversely proportional to the number of bolts.  Beyond six bolts (where overlap of the 

failure cones begins), it is recommended that until further testing is performed the tension in the 

CFRP be calculated using the edge pressure method.  The strut-and-tie method is recommended 

for use when the failure cones do not overlap.   
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Figure 4-4. Normalized comparison of methods for the calculation of FCFRP 

Based on this analysis, the more conservative edge pressure method was used for the 

determination of FCFRP for the test specimen since there were twelve bolts in the foundation.  It 

should be noted that the strut-and-tie method is rationally based and in-fact may be the best 

method for determining the tension in the CFRP for all numbers of anchors.  Until further testing 

is performed the edge pressure method was selected since it is more conservative when large 

numbers of anchors are used.  The value of FCFRP used in the analysis was 18.5 kip (82.1 kN). 

It was assumed that the full 12 in. (305mm) width of the CFRP wrap would not be 

effective.  Rather, the effective width was taken as the depth of the concrete breakout failure 

cone, 1.5·cover.  The resultant effective width was 7.5 in. (191mm).  Using the effective width, 

two layers of the wrap were required to meet the ACI concrete breakout strength.  Three layers 

of the CFRP wrap were applied to the specimen.  The addition of the extra layer exceeded the 
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required strength, so it was deemed acceptable.  Once the wrap was set, the retrofit test was 

carried out.  Calculations for the design of the CFRP wrap layout are located in Appendix B. 

4.2 Instrumentation 

4.2.1 Linear Variable Displacement Transducers 

Linear Variable Displacement Transducers (LVDTs) were placed at the location of the 

load cell, and at various points along the shaft and base plate.  A total of ten LVDTs were 

utilized in the project.  Figure 4-5 is a schematic of the layout of the LVDTs on the base plate.  

Figure 4-6 and Figure 4-7 show the location of the LVDTs on the shaft, and Figure 4-8 shows 

the LVDT at the load location.  The label for each of the LVDTs is also on the drawings.  These 

identification codes were used to denote the LVDTs during testing.  The purpose of the LVDTs 

along the shaft and base plate was to measure the rotation of the base plate during testing.  The 

LVDTs at the front and back of the shaft were to allow for the rotation to be measured relative to 

the rotation of the shaft.  The horizontal LVDT on the base plate was intended to indicate if there 

was any horizontal movement of the base plate.  The rotation of the base plate was calculated 

using Equation 4-8. 

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛ +
= −

gage

V

D
DD

R 311tan         (4-8) 

Where 
R = base plate rotation (rad) 
D1V = displacement of LVDT D1V (in.) 
D3 = displacement of LVDT D3 (in.) 
Dgage = distance between LVDTs D1V and D3 (in.) 
 
Once the test apparatus was assembled, the distance Dgage was measured.  This distance 

was 26.31 in. (668 mm).  Figure 4-9 shows LVDTs D1V and D4 on the test specimen. 
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Figure 4-5.  Instrumentation layout on the base plate 
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Figure 4-6. Instrumentation layout on face of shaft 
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Figure 4-7. Instrumentation layout on rear of shaft/face of concrete block 
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Figure 4-8. Instrumentation layout of pipe at load location 
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Figure 4-9. Location of LVDTs D1V, D4, and D7 on the test specimen. 

4.2.2 Strain Gages  

Strain gages were attached to the base plate on the outer surface adjacent to the bolt holes 

in order to determine how may bolts were actively transferring load given the 1.75 in. (44.5 mm) 

holes for the 1.5 in. (38.1 mm) anchors.  In applying the ACI 318-05 equation for concrete 

breakout strength of an anchor in shear directed parallel to an edge (Equation 2-12) it was of key 

importance to know how many bolts were carrying the load.  For instance, if two bolts were 

carrying the load, the concrete would fail at a lower load than if all twelve bolts were carrying 

the load.  In addition to showing the placement of the LVDTs, Figure 4-5 also details the 

location of the strain gages on the base plate.  Figure 4-10 shows the denotation of the strain 

gages relative to the bolt number, and Figure 4-11 shows a strain gage on the base plate of the 

test specimen.  Note that the bolt numbering starts at one at the top of the plate and increases as 

you move clockwise around the base plate. 
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Figure 4-10. Strain gage layout on base plate  

 

Figure 4-11. Strain gage on base plate of test specimen 
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CHAPTER 5 
TEST RESULTS 

Two tests were performed on the test specimen.  The initial test was conducted to 

determine whether the concrete breakout failure was the failure mode demonstrated in the field.  

The verification of this was based on the crack pattern and the failure load recorded.   If the 

failure torsion was the concrete breakout failure torsion, then the hypothesized failure mode 

would be verified.  The retrofit test was performed on the same test specimen.  This test was 

completed to establish whether a CFRP wrap was an acceptable retrofit for the foundation. 

5.1 Initial Test 

5.1.1 Behavior of Specimen During Testing 

The initial test on the foundation was carried out on 31 August 2006 at the Florida 

Department of Transportation Structures Research Center.  The test specimen was gradually 

loaded during the testing.  Throughout the test, the formation of cracks on the surface of the 

concrete was monitored (Figures 5-1 and 5-2).  At 90 kip-ft (122 kN-m), the first cracks began to 

form.  When 108 kip-ft (146 kN-m) was reached, it was observed that the cracks were not 

extending further down the length of the shaft.  Those cracks that had formed began to widen 

slightly.  These cracks, Figure 5-1, were characteristic of those that formed during the concrete 

breakout failure.  At 148 kip-ft (201 kN-m), cracks spanning between the bolts had formed 

(Figure 5-3).  The foundation continued to be loaded until the specimen stopped taking on more 

load.  The torsion load peaked at 200 kip-ft (271 kN-m).  Loading ceased and was released when 

the applied torsion fell to 190 kip-ft (258 kN-m).  The predicted concrete breakout capacity of 

the shaft at the time of testing was calculated as 193 kip-ft (262 kN-m) (Equation 3-3).   
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Figure 5-1. Initial cracks on face of shaft 

  

 

Figure 5-2. Initial cracks on face and side of shaft (alternate view of Figure 5-1) 
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Figure 5-3. Face of test specimen after testing exhibits cracks between the bolts along with the 
characteristic concrete breakout cracks 

At failure, the foundation displayed the characteristic cracks that one would see in a 

concrete breakout failure (Figure 5-4).  As intended, the bolts did not yield, and the shaft did not 

fail in torsion.  Data was reduced to formulate applied torsion versus plate rotation and applied 

torsion versus plate strain plots.   The Applied Torsion vs. Plate Rotation plot (Figure 5-5) shows 

that the bolts ceased taking on additional load after the noted concrete breakout failure due to the 

shear parallel to the edge resulting from the applied torsion.  It also exhibits slope changes at the 

loads where crack development started or the existing cracks were altered.  The first slope 

change at 108 kip-ft (146 kN-m) coincided with the widening of the characteristic diagonal 

cracks on the front face of the shaft.  The second change occurred at 148 kip-ft (201 kN-m) 

corresponding with the formation of cracks between the bolts. 
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Figure 5-4. Crack pattern on face of shaft after testing depicts characteristic concrete breakout 
failure cracks 
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Figure 5-5. Applied Torsion vs. Plate Rotation Plot- Initial Test  
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5.1.2 Behavior of Strain Gages During Testing 

Figure 5-6 displays the Applied Torsion vs. Plate Strain plots for strain in the top of the 

base plate for each bolt relative to its location on the foundation.  The strain was a result of the 

bolt carrying load.  The first line on the plots in Figure 5-6 is 50 kip-ft (67.8 kN-m).  At this 

level, all of the bolts appear to be carrying load with the exception of bolts one, six, and eight.  

At the next level, 100 kip-ft (136 kN-m) bolt one picked up load, but bolts six and eight 

remained inactive.   
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Figure 5-6. Applied Torsion vs. Plate Strain Plots for each bolt at the appropriate location on the 
base plate with Applied Torsion vs. Plate Rotation plot in center (full size plots in 
Appendix C) 
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It should be noted that, at 108 kip-ft (138 kN-m), which was the first slope change on the 

Applied Torsion vs. Plate Rotation Plot, a redistribution of the loading occurred.  This 

redistribution is illustrated in Figure 5-7.  As the cracks widened, those bolts that were 

transferring the majority of the load were able to move more freely, and, therefore, the other 

bolts became more active in transferring the load to the foundation.  A similar redistribution to a 

lesser degree occurred at approximately 148 kip-ft (201 kN-m), which coincided with the first 

observation of cracks between the bolts. 
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Figure 5-7. Plate Strain Comparison Plot for Initial Test exhibits the redistribution of the load 
coinciding with crack formations 

As the various plots illustrate, some of the strain gages recorded negative strains, while 

others recorded positive strains.  This was most likely due to the bearing location of the bolt on 

the base plate.  To further explore this phenomenon, strain gages were placed on the bottom of 

the base plate in addition to those on the top for the second test.   
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5.1.3 Summary of Initial Test Results 

The results of this test indicated that the concrete breakout failure was the failure mode 

observed in the site investigation.  The characteristic cracks and the structural integrity of the 

bolts in the failed foundations, as observed during the site investigation, was the first step to 

arriving at this failure mode.  The percent difference between the failure torsion and the 

predicted failure torsion (Equation 3-3) was 3.6%.  Therefore, it was concluded that the 

foundation failed at the failure torsion for the predicted failure mode.  These results indicated 

that the design methodology for cantilever sign foundations should include the concrete breakout 

failure due to shear directed parallel to an edge resulting from torsional loading.  All plots for the 

first test are located in Appendix C. 

5.2 CFRP Retrofit Test 

After the results of the first test were reviewed, the need for a method to strengthen 

existing foundations became apparent.  Since the concrete breakout failure had not been 

considered in the design of the cantilever sign structure foundations, a system had to be put in 

place to evaluate whether or not those existing foundations would be susceptible to failure.  One 

economical method of retrofitting the existing foundations is the use of Carbon Fiber Reinforced 

Polymer (CFRP) wraps. 

At the conclusion of the first test, the bolts had not yielded, and the concrete was still 

intact.  This enabled a second test on the failed foundation to be carried out.  The key focus of 

this second test was to determine if the foundation could reach its initial concrete breakout 

strength again.  The foundation was retrofitted with three layers of 12 in. (305 mm) wide 

SikaWrap Hex 230C (Figure 5-8).  This amount of CFRP exceeded the amount required to attain 

the concrete breakout strength, 193 kip-ft (262 kN-m).  The torsional strength of the shaft with 

the retrofit was calculated.  The resultant strength based on the effective width, Section 4.1.3, of 
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1.5·cover, or 7.5 in. (191 mm), was 229 kip-ft (310 kN-m).  Since that effective depth was an 

assumption for design, the strength based on the full width, 12 in. (305 mm), of the wrap, 367 

kip-ft (498 kN-m), was also calculated for reference.  

 

Figure 5-8. Shaft with the CFRP wrap applied prior to testing 

5.2.1 Behavior of Specimen with CFRP Wrap During Testing 

The second test was conducted on 13 September 2006.  For this test, the concrete strength 

was not a critical parameter, since the concrete had already failed.  The containment provided by 

the CFRP wrap, along with the anchor bolts, was the source of the strength of the foundation.  As 

the purpose of the second test was to learn how much load the foundation could take, and if that 

load met or exceeded the concrete breakout strength, the load was not held for prolonged periods 

at regular intervals during the test.  Figure 5-9 is the Applied Torsion vs. Plate Rotation plot for 

the second test.  The foundation was closely monitored for crack formation along the shaft, 

propagation of existing cracks, and failure of the CFRP wrap.   
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Figure 5-9. Applied Torsion vs. Plate Rotation Plot- Retrofit Test 

The strength of the foundation exceeded the predicted concrete breakout strength of 193 

kip-ft (262 kN-m).  It was not until the loading reached 257 kip-ft (348 kN-m) that the first pops 

of the carbon fibers were heard.  At that torsion load, the strength of the CFRP wrap based on the 

effective depth, 229 kip-ft (310 kN-m), was exceeded.  Therefore, the effective depth of the wrap 

was a conservative assumption. 

At approximately 288 kip-ft (390 kN-m) more pops within the CFRP wrap were heard.  

However, the entire carbon fiber wrap did not fail.  During the course of the test, characteristic 

torsion cracks began to form along the shaft (Figure 5-10) and propagated to the base of the 

shaft.  This occurred because the ACI 318-05 nominal torsional strength (Equation 2-6) of 252 

kip-ft (342 kN-m) was exceeded.  Although these cracks had formed, the foundation still had not 

failed.  Another phenomenon that occurred was the yielding of the bolts.  According to the 

calculations for the yield strength of the bolts, the bolts yielded at approximately 253 kip-ft (343 
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kN-m) of applied torsion.  The strength was determined using the same methodology outlined in 

Section 3.3.1.  This was the within the range in which the yielding was observed (Figure 5-9).  

The bolts were yielding, but they did not reach their ultimate strength.  The test abruptly 

concluded when the concrete block shifted out of place, causing the load cell to be dislodged 

from its location on the pipe.  This occurred at 323 kip-ft (438 kN-m).   

 

Figure 5-10. Shaft exhibiting characteristic torsion cracks from face to base of shaft 

5.2.3 Behavior of Strain Gages During Testing 

For the retrofit test, strain gages were placed on the top and bottom of the base plate.  

Figure 5-11 shows each of the Applied Torsion vs. Plate Strain plots at the appropriate bolt 

locations.  Note that as the loading increased, the bottom strain gages began to behave similarly 

for all of the bolts.  The strain was increasing at a higher rate.  This illustrated that as the bolts 

picked up load and began to bend, they were primarily in contact with the bottom of the base 

plate (Figure 5-12).  The strains recorded by the bottom gages indicate that all of the bolts 

became active during the test.  
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Figure 5-11. Applied Torsion vs. Plate Strain plots for the Retrofit Test at the appropriate bolt 
location around the base plate with Applied Torsion vs. Plate Rotation plot in center 
(full size plots in Appendix D) 
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Figure 5-12. Bolt bearing on the bottom of the base plate during loading 
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Similar to the behavior of the bolts throughout the initial test, Figure 5-13 illustrates the 

changes in the plate strain data for the bottom gages corresponding with milestone loads during 

the test.   
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Figure 5-13. Plate Strain Comparison plot for the retrofit test exhibits slope changes at milestone 
loads 

5.2.4 Summary of Test Results 

Upon removal of the pipe apparatus, the crack pattern illustrated the concrete breakout 

failure, and torsional cracks in the center of the shaft verified that the concrete torsional capacity 

was exceeded during testing (Figure 5-14).  Figure 5-15 details the characteristic torsion cracks 

on the side of the shaft after testing.  The test proved that the CFRP wrap was an acceptable 

method for retrofitting the foundation.  It exceeded the concrete breakout strength.  The success 

of this retrofit test led to the development of guidelines for the evaluation of existing foundations 
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and the guidelines for the retrofit of those foundations in need of repair.  All plots for the retrofit 

test are located in Appendix D. 

 

Figure 5-14. Face of shaft after test illustrates yielding of bolts, concrete breakout cracks around 
the perimeter, and torsion cracks in the center. 

 

Figure 5-15. Torsion cracks along length of the shaft after the test 
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CHAPTER 6 
SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS 

The purpose of this research program was to determine the cause of the failure of 

foundations of cantilever sign structures during the 2004 hurricane season.  After a thorough 

literature review, in conjunction with the site investigation, and testing, it was determined that 

the foundations failed as a result of an applied torsion which caused a concrete breakout failure 

due to shear directed parallel to the edge on the anchors.  This anchorage failure is detailed in 

ACI 318-05 Appendix D.  Previous to this experimental research, this failure mode was not 

considered in the design of the cantilever sign foundations.  Cantilever sign foundations need to 

be designed for shear parallel to the edge on the anchor resulting from torsion. 

Test results indicate that the failure of the foundations was caused by concrete breakout 

due to shear directed parallel to the edge on the anchors.  The test specimen failed at the torsion 

predicted by the ACI 318-05 Appendix D design equations.  Additionally, the crack pattern 

matched the crack pattern exhibited in the field, and both foundations emulated the characteristic 

crack pattern of the shear directed parallel to an edge for concrete breakout failure.  It is 

recommended that future tests be performed on circular foundations to further investigate the 

concrete breakout failure for a shear load directed both parallel and perpendicular to an edge. 

Additional testing was performed to determine an acceptable retrofit option.  It was 

determined that applying a CFRP wrap to the foundation strengthens the foundation such that it 

not only meets its initial concrete breakout capacity, but, also, exceeds the capacity.  The results 

of this test led to the development of guidelines for the evaluation and repair of existing 

foundations.  The guidelines were based on the following: 

• Using either the torsional load from the design or, if not available, using the ACI nominal 
torsional strength (ACI 318-05 Section 11.6.3.6), determine the torsional capacity of the 
foundation. 
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• Calculate the concrete breakout strength in accordance with ACI Appendix D.   

• If the concrete breakout strength is less than the maximum of the nominal torsional strength 
and design torsion, then the foundation is susceptible to failure. 

• The amount of the carbon fabric required is calculated using the maximum of the nominal 
torsional strength and the design torsion.  The amount required is given in layers of the CFRP 
wrap. 

These guidelines (Appendix E) were submitted to the Florida Department of 

Transportation.  The guidelines will be used to evaluate and, if necessary, repair the existing 

foundations.  It is critical that such foundations be evaluated in order to determine the 

susceptibility to this type of failure.  Additionally, it is recommended that the alternative 

foundations in Section 2-4 be considered for further investigation.  The proper use of the findings 

of this research program will allow for future prevention of failures exhibited during the 2004 

hurricane season.  
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APPENDIX A 
TEST APPARATUS DRAWINGS 

  

Figure A-1. Dimensioned front elevation drawing of test apparatus 
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Figure A-2. Dimensioned plan drawing test apparatus 
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Figure A-3. Dimensioned side elevation drawing of test apparatus 
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Figure A-4. Dimensioned pipe apparatus drawing 
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Figure A-5. Dimensioned channel tie-down drawing 
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APPENDIX B 
DESIGN CALCULATIONS 
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APPENDIX C 
INITIAL TEST DATA 
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Figure C-1. Applied Torsion vs. Rotation Plot 
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Figure C-2. Plate Strain Comparison Plot 
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Figure C-3. Applied Torsion vs. Strain Plots for each bolt location 
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Figure C-3. Continued 
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Figure C-3. Continued 
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Figure C-3. Continued 
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Figure C-3. Continued 
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Figure C-3. Continued 



 

107 

APPENDIX D 
RETROFIT TEST DATA 
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Figure D-1. Applied Torsion vs. Rotation Plot 
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Figure D-2. Plate Strain Comparison Plot 
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Figure D-3. Applied Torsion vs. Strain Plots for each bolt location 
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Figure D-3. Continued 
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Figure D-3. Continued 
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Figure D-3. Continued 
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Figure D-3. Continued 
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Figure D-3. Continued 
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APPENDIX E 
SAMPLE GUIDELINES FOR EVALUATION 
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